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1. SUMMARY OF CONCLUSIONS 
This report is in rebuttal to the reports [Bailey, 2010], [Nordenson, 2010a], 
[Nordenson 2010b], [Colaco 2010] and [Torero 2010] offered by plaintiffs’ 
experts concerning the collapse of 7 World Trade Center (WTC 7) as a 
result of the terrorist attacks on September 11, 2001.  

The plaintiffs’ experts’ central hypothesis is that design and construction 
errors were the proximate cause of the collapse of WTC 7 and that WTC 7 
would not have collapsed but for these errors. I, together with a team of 
colleagues at Weidlinger Associates Inc., have undertaken a careful 
review of the opinions of plaintiffs’ experts, and especially of the computer 
analyses and data which are proffered as a basis for those opinions.  

We have also conducted our own independent analyses to assess the 
structural stability of WTC 7 and to determine the entire causal chain that 
led to the building’s collapse.  This study has involved thousands of hours 
of analysis by my team over the course of five years.  We have reviewed 
all of the available construction documents, shop drawings and review 
documents from the construction of WTC 7.  Using state-of-the-art 
computational tools, specifically validated for fire effects on structures and 
collapse analyses, we were able to use these documents and plans to 
create a three-dimensional computer model of the WTC 7 building, which 
accurately reflects the conditions and responses of the WTC 7 structural 
system to the events of September 11. These computational tools and 
Weidlinger’s analyses are routinely relied upon by the Department of 
Defense and other federal agencies in the extreme loading assessment 
and design of many critical structures, including U.S. embassies of recent 
vintage for example. All of our analyses were conducted with the level of 
care and requisite detail needed to address the specific issue being 
examined.  

In doing all of this work, I have drawn on my and Weidlinger’s cumulative 
experience in the development of computational techniques and the 
evaluation of the performance of structures undergoing extreme loading, 
supported by several decades worth of large-scale experimental validation 
for such phenomenology.  

Based on our analyses and critical review of the analyses, data and 
engineering judgment of plaintiffs’ experts, we find all of the design errors 
asserted as a cause of collapse to be either unfounded or based on 
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erroneous, and even contrived, analyses. Our analyses clearly establish 
that the attacks of September 11 set-off an unstoppable chain of events, 
given the circumstances of the day, of such magnitude as to exhaust the 
capacity of the building structural system over the course of seven hours 
leading to the ultimate collapse of WTC 7.  As discussed herein, the 
claimed “defects” featured in plaintiffs’ experts’ reports are not defects at 
all.  And none of the changes advocated by plaintiffs’ experts would have 
prevented the collapse.   

The WTC 7 Building Was Appropriately Designed and Consistent 
with NYC Building Code 

Our comprehensive review of the structural design of the WTC 7 Building 
confirmed that the building was appropriately designed for its intended 
use.  The building was also in compliance with the New York City Building 
Code.  Mr. Levy, in his expert report [Levy, 2010], further determines that 
the design elements in WTC 7 are consistent with many tall office 
buildings in New York, including those whose design he has overseen.  

The WTC 7 Building Collapsed as an Inevitable Consequence of the 
September 11 Terrorist Attacks  

Turning our attention to the events of September 11, our analysis of the 
available photographic, videographic and eyewitness accounts reveals 
that the collapse of WTC 1 showered a massive amount of hot debris unto 
WTC 7, severing and destroying substantial portions of the south-facing 
structural system.  As documented in Dr. Beyler’s report [Beyler, 2010], 
the debris ignited multiple fires on multiple floors of WTC 7.  The debris 
destroyed many of the barriers designed to prevent the spread of fire, and 
destroyed the sprinkler system designed to retard fire, with the 
consequence that the fires circulated freely around the building over the 
course of the day.  The NYC Fire Department, having suffered an 
unprecedented loss of firefighters, lacking water to fight the fires, and 
concerned about visible structural damage to the building, made the wise 
decision not to fight the fire once the building occupants had been fully 
evacuated.  The fires were therefore allowed to burn unfought and 
uncontrolled.   

In testament to its resilience, WTC 7 withstood massive damage, including 
the loss and impairment of over a third of its south perimeter column lines, 
until late in the day on September 11.  But multiple unchecked traveling 
fires, burning simultaneously on consecutive floors, continued their attack 
on the building. Dr. Beyler [Beyler, 2010] highlights the unusual aspects of 
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such a fire environment, which would not be expected outside of the 
extraordinary circumstances of September 11. Observations on the day 
suggest that an unique fire environment was present on the 8th and 9th 
floors of the building.  This imposed high temperatures onto the 9th and 
10th floors structures. 

We undertook a series of high-fidelity nonlinear thermo-mechanical 
computational analyses to track the highly complex evolution of the 
structural system response over time under the steel temperatures that Dr. 
Beyler [Beyler, 2010] derived. We did so by using Weidlinger–developed 
commercial software, which has been extensively validated for the regime 
of physics associated with the collapse and destruction of structures, 
called FLEX. Our analyses include detailed modeling of the entire floor 
plate east of column line 76-77-78, where the level of resolution includes 
explicit representation of every element – to the level of every bolt, 
connection plate and shear stud – that was used in the construction of 
WTC7.  

Our analyses show that the initiation of structural failure occurred as a 
result of high steel temperatures, which degraded the strength and 
stiffness of the framing and connections, and resulted in very large 
movements of the floor. These high temperatures occur, not as a result of 
some defect in the thermal insulation provided by the fire protective 
material on the steel, but rather by virtue of the long duration of the fires, 
their extent and locations, and the absence of any fire suppression. 

When failure does initiate on the east of the 10th floor, as a result of fires 
on the 9th floor, it occurs in the connections between the beams, and 
girders. An unzipping of the finplate connections, which connect the floor 
beams to the girder spanning the east side of the core, occurs and 
propagates to wider areas of the floor until the entire eastern section of the 
floor and adjoining bays collapse unto the 9th floor.    

A key conclusion from this early stage of the collapse sequence is that the 
particular type of connection is irrelevant to the collapse. Several different 
types of connections were used on the WTC 7 floors (typically seated, 
header, fin plate, knife and seated web clip connections), each of which 
would have been severely challenged by the fire environment on 
September 11. Our studies indicate that if a particular connection was 
hypothetically prevented from failing, another one in the vicinity, possibly 
of a different type, would have failed anyway within minutes, resulting in 
the same outcome, namely a widespread collapse of the floor system.  
Accordingly, this is not an instance of a poorly-chosen design detail 
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leading to a collapse, as one of plaintiffs’ experts suggests; rather the floor 
collapse is a function of the unique and extreme fire environment which 
had the capacity to overwhelm each type of connection.  

Our analysis then shows that the initial floor collapse propagates to 
additional floors because of the unusual fire environment.  The 10th floor 
slab collapses down onto the 9th floor, which is equally weakened by 
nearly simultaneous fires raging on the 8th floor.  This sets off an 
unstoppable chain of collapses leading to the ultimate collapse of the 
building.    

The key conclusion at this stage of the collapse sequence is that the initial 
failure of the 10th floor would have been arrested, and would not have 
progressed further, were it not for the presence of the unchecked, 
travelling, nearly simultaneous fires on contiguous levels. Our analyses 
show, in direct contradiction to the plaintiffs’ conclusion, that collapse of 
one floor of WTC 7 onto the floor below does not trigger the collapse of 
the impacted floor unless that floor also has already been weakened by a 
closely lagging fire in the same area exactly one floor below, prior to 
impact.  

To test this conclusion, we analyzed the scenario where the 9th floor is 
undamaged by fire at the time that the 10th floor collapses. The results 
show that, in its ordinary condition, the floor had sufficient capacity and 
robustness to arrest the debris from the collapsing floor. Thus the initial 
collapse propagates only in the particular situation in which there are fires 
on two sequential floors, with fire leading on the top floor, nearly 
simultaneous in the same area of the floor plate. Fire on a single floor 
would not have led to global collapse.  Likewise, sequential floor fires in 
the classic pattern, in which the fire on the lower floor leads, would most 
likely result in only a single floor collapse.  As Dr. Beyler [Beyler, 2010] 
explains, the particular circumstances that led to collapse in WTC 7, of 
unchecked, travelling, nearly simultaneous fires on contiguous floors, 
would not be expected in a classical fire scenario and are a direct 
consequence of the highly unusual circumstances of September 11. 

Returning to the evolution of the collapse, when the initiating floor impacts 
a floor that is already damaged by fire, the collapse of those two floors is 
more than can be arrested by the next floor below and downward cascade 
is triggered. This cascading collapse is dynamic, severe and chaotic with a 
tremendous amount of debris raining down; the impact of which triggers 
numerous widespread connection failures regardless of configuration type.  
These failures leave columns 79, 80, and 81 unbraced for many floors, 
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and the columns then buckle. Even though the in-situ connections 
satisfied the 2% lateral restraint code provision, the impact of debris was 
more than they could sustain. 

The cascading debris from floor-to-floor impact is just a small indication of 
the severity of the events following the buckling of columns, which triggers 
the collapse of remaining floor slabs up the entire height of the building. 
This unleashes a tremendous amount of debris which comes crashing 
down with ever-increasing velocity in ever-widening field as it descends. 
This is the primary mechanism for collapse propagation enveloping the 
remainder of the entire building. Given the severity of this condition, it is 
naïve to think that modifications to things like floor diaphragm detailing or 
lower level transfer elements could have affected any differences in the 
outcome on September 11.  Indeed, none of the modifications suggested 
by plaintiffs’ experts would have prevented collapse of the WTC 7 building.   

The Collapse Scenarios Suggested By Plaintiffs’ Experts Are Flawed 
And Inconsistent 

We have carefully examined each of the plaintiffs’ experts’ various 
collapse scenarios, as well as the other various criticisms they level at the 
building.  As discussed herein and below, none of the theories, as 
proffered by Mr. Nordenson, Dr. Bailey or Prof. Torero, are supported by 
their analyses.   

Mr. Nordenson’s Lateral Restraint Theory  

Mr. Nordenson’s theory, that WTC 7 collapsed as the result of insufficient 
tension capacity of girder connections to interior columns, depends on 
analyses that are flawed in several respects.  

First, Mr. Nordenson deliberately understates the capacity of the knife 
connections in the building.  He assumes, without evidence, that the welds 
in those connections utilized a defective weld electrode (that was only 
discovered to be defective after the 1994 Northridge California 
earthquake), and then used that brittle weld in his computer model.  In 
addition, Mr. Nordenson significantly underestimated the strength and 
ductility of the knife connections which, when compared to published test 
results, understate the strength by a factor of 4 and the ductility by a factor 
of 30.  Our analyses and models show that Mr. Nordenson’s resulting 
assumptions are demonstrably absurd, because they suggest the knife 
connections would fail if the temperature changed by only two degrees 
Celsius in the building or under normal gravity loads (which, of course, 
they did not).   
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Second, Mr. Nordenson compounds his errors in his column buckling 
analysis.  He used an outdated version of his analysis software, SAP2000 
version 12, that is known to have a bug (i.e., an algorithmic instability) 
[SAP, 2009] that produces artificial and inaccurate results in buckling 
analyses. When we reanalyzed Mr. Nordenson’s model in the latest 
version of the software, version 14 of SAP2000, no column buckling 
occurs even with Mr. Nordenson’s deficient knife connections.  In addition, 
our analysis of his model showed additional fundamental flaws including 
improper inputs, incorrect connection capacities, and a failure to account 
for bracing on the fifth floor. 

Third, Mr. Nordenson disregards the contribution from the concrete slab in 
providing lateral bracing to the columns.  He justifies this by citing pipe 
penetrations adjoining columns, and concrete shrinkage. Neither of these 
rationales supports his failure to account for the slab.  Examination of the 
photographic record from WTC 7 shows the concrete slab fully abuts the 
columns and pipe penetrations.  Mr. Nordenson presents no evidence that 
concrete shrinkage would have had any perceptible effect on the ability of 
the concrete slab to provide bracing, nor does any exist.  Our analysis 
shows that, in fact, when the correct bracing is accounted for, the actual 
degree of bracing exceeds the requirements of the NYC Building Code.   

 Dr. Bailey’s Fire Protection Theory 

Dr. Bailey’s conclusions are equally flawed.  He asserts that inadequate 
fire protection caused the girder between columns 79 and 44 to unseat.  
But that assertion is not supported by the underlying analyses, which have 
several fundamental defects.   

First, Dr. Bailey’s conclusions depend on heat curves that are arbitrary, 
and unrelated to either the particular facts of this fire or the data generated 
by plaintiffs’ own experts.  As shown below, the heat curves utilized are, in 
fact, outcome determinative.  When ARUP’s fire spread analyses and 
modeled temperatures are used, ones they claim provide the best 
estimate of the thermal environment in WTC 7 on September 11, the 
girder unseats whether or not the flutes are filled.     

Second, the ARUP Abaqus model, which Dr. Bailey relies upon for his 
conclusions, is largely developed on the basis of a preconceived seated 
connection failure at column 79, rather than an investigation of failure 
mechanisms and locations as they occur and where they occur on the 
basis of the fire evolution. Indeed, as shown below, the connections are 
modeled such as to largely bias the failure towards the connections at 
column 79, which are modeled in detail, while “simplified” and unrealistic 
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models are introduced at other possible failure points.  Our analysis shows 
that when the “simplified” connections in the plaintiffs’ experts’ model are 
replaced with accurate ones, the results are dramatically different. 

Third, there is also a serious flaw in ARUP’s approach to studying the 
significance of the asserted absence of fire protection. Rather than 
isolating that single variable, as is required for a valid parametric test, our 
review of their model and the inputs ARUP chose reveals that the 
structures modeled in their flutes filled and unfilled cases are not identical.  
When we reanalyzed the filled models using consistent connection 
properties, the filled model resulted in collapse, thereby not supporting Dr. 
Bailey’s assertion that collapse results from unfilled flutes. The ARUP 
study consequently cannot be a reasonable and acceptable basis for the 
claim that girder unseating occurs as a result of unfilled flutes. 

Finally, our analysis further showed that, despite the inter-reliance of 
plaintiffs’ experts in their analyses to form a basis for their conclusions, 
they do not agree on fundamental structural behaviors that drive the 
outcome of their analyses.  Indeed, the knife connections in ARUP’s 
model display deformations in excess of twenty times the failure limit 
postulated by Mr. Nordenson, yet they remain sound in ARUP’s 
assessment. 

Professor Torero’s Diesel Fire Theory 

In addition, Prof. Torero takes the position that an assumed diesel fire on 
the 5th floor of the building caused the initial collapse.  Dr. Beyler 
disproves this theory, demonstrating that all of the available evidence is 
inconsistent with such a fire. The theory is nevertheless notable, in that 
plaintiffs are embracing totally inconsistent theories, without any indication 
of the degree of scientific certainty they attribute to each, which is 
essentially no different than saying that it is a “flip of a coin”.  

Plaintiffs’ Experts’ Theories Concerning Collapse Propagation are 
Equally Flawed 

Mr. Nordenson and Prof. Torero make additional analytical errors and 
erroneous conclusions with regard to the effect of their posited initial 
collapse, the influence of trench headers on horizontal propagation, and 
the impact of a hypothetical diesel fuel fire on the fifth floor on the transfer 
truss. 

First, Mr. Nordenson applies the law of conservation of energy incorrectly, 
thereby miscalculating the impact of the unseated girder on the floor 
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below.  When his analysis is corrected, his conclusion is demonstrably 
false.   

Second, Mr. Nordenson’s conclusion that the trench headers in the 
building played a role in the collapse fails because, by oversimplifying his 
model, he overestimates the tension forces at the trench headers caused 
by the falling floor slabs.   

Third, Mr. Nordenson’s conclusion that horizontal propagation takes place 
as a result of transfer elements in the building fails to recognize that the 
wide debris field associated with over 40 floors of collapsing slabs is the 
primary mechanism of horizontal propagation, rather than the transfer 
trusses in the building.  Our analysis rebuts this conclusion by showing 
that even had there been no transfer elements in the building at all, the 
outcome would have been the same. 

Finally, the analysis below illustrates how Prof. Torero’s analytical 
approach and oversimplified model provides no support for his theory of 
collapse.  His model of the effects of a hypothetical diesel fire on the fifth 
floor is fundamentally flawed and does not match the visual evidence.    

Ultimate Conclusions 

Based on our review of the record, independent analyses, engineering 
judgment and our thorough examination of plaintiffs’ experts’ reports and 
analyses, our main findings can be summarized as follows: 

1. Our analyses establish that the attacks of September 11 resulting in 
the collapse of WTC 1 which showered flaming debris unto WTC 7 
set-off an unstoppable and causal chain of events, given the 
circumstances of the day, of such magnitude as to exhaust the 
capacity of the building structural system over the course of seven 
hours leading to the ultimate collapse of WTC 7. 

2. Under ordinary circumstances, WTC 7 would have been able to 
arrest a localized slab collapse from progressing into a total 
collapse of the building. Under the extraordinary circumstances of 
September 11, and the very specific fire distributions, extent and 
durations resulting from those attacks, the progression from the 
initiation to global collapse is entirely due to those events and could 
not have been prevented even if the alleged deficiencies had been 
addressed as proposed by the plaintiffs’ experts. 
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Our determination of the response of WTC 7 to the various loads it was 
subjected to on September 11 until its ultimate collapse is consistent with 
the visual evidence recorded on September 11.  
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2. REBUTTAL TO PLAINTIFFS’ PRIMARY COLLAPSE 
HYPOTHESIS 
The evolution from initial impact of debris from WTC 1 to local failure 
initiation to the global collapse of WTC 7 is entirely due to the unique 
nature and sheer magnitude of the events of September 11 and would not 
have been prevented even if the plaintiffs’ asserted deficiencies had been 
addressed as their experts propose.  

Over the course of a five-year, intensive effort, we have identified the 
sequence of failures that led to the collapse of WTC 7.  To do this, we 
used    detailed non-linear finite element computer analyses of the WTC 7 
structure at several different degrees of resolution which were used to 
identify the sequence of failures leading to the collapse. These analyses 
included the following which are described in more detail in subsequent 
sections, in Appendix B and Appendix D: 

1. Whole building global collapse model to evaluate the implications 
of the structural damage done to WTC 7 as a result of debris 
impact from WTC 1. 

2. 1-floor failure initiation analysis to evaluate the response of the 
Eastern portion of the floor plate to the fire scenario that is 
considered most likely to have occurred on September 11, 2001. 

3. 2-floor failure initiation analysis to evaluate the response of 1 
collapsing floor on to the floor below. 

4. Whole building global collapse model to evaluate the evolution of 
failure from the collapse of multiple floors into whole building 
collapse. 

We employed a level of resolution in each model that is the one 
appropriate for capturing the physics of the phenomenon being assessed. 
One- and two-floor local failure initiation models are resolved down to the 
explicit representation of every bolt, connection plate and shear stud that 
was used in the construction of WTC 7, in order to capture the true 
mechanics of the connections. These models are calibrated against 
relevant test data to represent the actual failure mechanisms and 
thresholds for these connections. The whole building global collapse 
model uses a resolution appropriate to understanding the effects of the 
impacts caused by falling debris, the large deformations that occur as a 
result of these and the subsequent propagation of failures and their 
sequence across the entire building. In either case, the focus of these 
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analyses is to understand the hierarchy of failures, its causes and 
consequences, and any contributing factors on that day. 

2.1. Collapse Stage 1 – Origination of collapse 
The collapse of WTC 7 was a direct result of the extraordinary events of 
the day. The collapse of WTC 1 imposed an extreme onslaught of debris 
onto WTC 7 (illustrated in Figure 1) and started multiple fires across the 
building. This originated the compromise and breakdown of multiple 
building systems over the course of the day, and ultimately resulted in the 
collapse of the building late in the day.  

The severity of the impact from the collapse of WTC 1 resulted in 
unprecedented destruction of the building’s primary lateral system and 
partial collapse of interior floors. As described in Dr. Beyler’s expert report 
[Beyler, 2010], the impact also triggered the ignition of multiple fires on 
multiple floors, and also destroyed many of the firestopping measures that 
were in place prior to impact, so that the fires then circulated around the 
building over the course of the day. The debris impact tore away large 
portions out of the south side of WTC 7 and in the process rendered the 
building’s sprinkler system ineffective. The sprinkler system was also 
disabled as a result of the simultaneous destruction of the water main that 
served the area.  

The New York City Fire Department (FDNY) was left without water to fight 
a fire. It had also just suffered the greatest loss of life in FDNY history, and 
it had an imperative search and rescue mission. The firefighters observed 
major structural damage to the building, and expected collapse. The 
FDNY had no choice but to allow WTC 7 to continue to burn unfought, 
uncontrolled, and unsuppressed and to let events unfold as they may. 
Nevertheless, WTC 7 remained standing in excess of 7 hours after the 
impact.  

As illustrated in Figure 2, access to the south side of WTC 7 after the 
collapse of WTC Towers 1 and 2 was extremely limited, and visibility was 
further obscured by massive amounts of dust from the collapses as well 
as from smoke emitting from WTC 7 and WTC 5. However, we compiled 
all of the available photographic, video and eyewitness accounts of the 
damage, and prepared a composite diagram of the structural damage as 
provided in Figure 3, and more fully described in Appendix B. The severity 
of the damage was not limited to just the perimeter framing, as plaintiffs’ 
experts suggest. Rather, the destruction extended into the building itself, 
and considerable areas of floor slab were also lost.   
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Prior to September 11th, no building is known to have endured such 
extreme damage. As such, there is no provision in any building code or 
guideline (either after September 11, or at the time of construction) that 
addresses building performance under a scenario encompassing the 
destruction of multiple exterior columns, collapse of interior floor slabs, 
and multiple fires circulating on multiple floors over multiple hour 
durations, including fires circulating simultaneously on consecutive floors. 
No building code anticipates the magnitude of virtually instantaneous 
damage experienced by WTC 7. 

 

 
Figure 1: Southward looking view as Tower 1 collapses. The debris plume extends 
northward as Tower 1 collapses and the debris impacts WTC 7. [cropped from 
PANYNJ9009198] 
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Figure 2: South elevation and roof perspective of WTC 7 showing significant 
impact damage and damage and as well as substantial smoke from fires as a result 
of the impact from Tower 1 (cropped from PANYNJ9009664). 
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Figure 3: Damage to primary structural members on the West (left) and South 
(right) elevations showing the extent and severity. Full damage is shown in red, 
partial damage in blue and indeterminate damage in green. Portions of the 
structure that are not identifiably visible in photographs are shown in purple. 

  

 

2.2. Collapse Stage 2 - Failure initiation 
The structural components that make up WTC 7, like most steel framed 
office buildings, were designed to offer at least about twice as much 
strength capacity as the building would expect under standard design 
loads (gravity, snow, wind, etc.) in ambient temperature conditions, 
providing a factor of safety of about 2. However, because the strength of 
steel degrades with elevated temperature, the factor of safety decreases 
as steel temperatures climb during a fire. Strength degradation is not the 
only factor that erodes the factor of safety. Elevated temperatures also 
cause significant movements due to thermal expansion. Softening of the 
steel also occurs, leading to large deformations. All of these factors tax the 
structure in ways that reduce the factor of safety as a direct result of 
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increased temperature of the steel; the higher the temperature, the lower 
the remaining factor of safety.          

Without firefighting or functioning sprinklers to suppress the fires in WTC 
7, the steel on the east side of the building ultimately reached higher 
temperatures than the structure could sustain. These steel temperatures 
developed as a result of the long-duration traveling fires which severely 
challenged the steelwork, including the connections, over large areas of 
multiple floors where fires were observed. These temperatures are 
illustrated in Figure 4 which shows that vast areas of the floor framing at 
the east side of the building (with the exception of top flanges and 
perimeter framing) exceeded 600°C as calculated by HAI [Beyler, 2010]. 
This led to the initiation of failure which occurred more than 7 hours after 
the originating impact from WTC 1.  

One notable factor contributing to the high steel temperatures in this 
portion of the building is the effect of pre-heating, resulting from the 
traveling nature of the fires. Pre-heating is described in detail in Dr. 
Beyler’s report, but a brief illustrative example is also provided here. As 
documented by Dr. Beyler, steel temperatures have been calculated for all 
of the members on a typical floor, but the variation of steel temperature 
over time for the two specific floor framing members indicated in Figure 5 
is provided in Figure 6. Figure 6 shows that peak temperatures of the 
bottom flange and web components of these elements achieve 
temperatures of approximately 700°C and that as much as 300°C of that 
occurs before the arrival of the flame. This 300°C pre-heating is a direct 
result of the long duration of the traveling fire and the absence of any fire 
suppression. The effect of this pre-heating is that higher peak steel 
temperatures are reached once the flame does arrive.   
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Figure 4: Peak steel temperatures (°C) as presented by Dr. Beyler [Beyler, 2010] 
and applied to the structural model.  

 

  

Figure 5: Girder and beam framing locations for sample temperature-time history 
comparisons.  
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Figure 6: Temperature time histories for indicative framing elements illustrating 
heating/ cooling phases and that 220min (nearly 4 hours) of pre-heating occurs 
prior to flame arrival, accounting for 200°C to 300°C of pre-heating. 

The initial failure was caused by these temperature rises.  We determined 
the complex structural response that leads to failure initiation through a 
detailed finite element analysis of the fire scenario using a model of the 
10th floor that includes the effects of thermal weakening, thermal softening, 
and thermal expansion. The model used for this analysis is referred to as 
the 1-floor failure initiation model which includes the applied heating 
regime as described in the HAI report [Beyler, 2010]. This analysis is 
described in more detail in Appendix B. The results of this analysis show 
that the conditions on the day were extreme enough to initiate collapse 
and that the onset of failure initiation is complex. In this scenario, the 
onset of connection failure occurs 270 minutes after the fire began to 
spread on this floor. At this time, the steel temperature distribution around 
the eastern portion of the floor plate is shown in Figure 7. The severity of 
these temperatures is reflected in the substantial vertical deflections 
observed in the floor plate as shown in Figure 8. 
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Figure 7: Steel temperature distribution (degrees C) prior to connection failure 
initiation on the east portion of the 10th floor. This occurs after 4.5 hours of 
continual heating due to fire.  

 

 

Figure 8: Vertical deflection (inches) of the steel framing to connection failure 
initiation on the east portion of 10th floor. Note that peak deflections are in excess 
of 40 inches. 
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The vertical deflections are significant, and induce dramatic deformations 
locally at the connections in a variety of locations. At the location where 
failure initiates, the first finplate connection south of column 80, the 
connection fails as a result of the rotation of the secondary beam along 
with the degradation of the strength of the bolts at elevated temperature.  

There are a number of factors that influence why failure initiates at this 
location. Certainly, the high steel temperatures described above with its 
associated degradation of strength and stiffness are the principal factors.  
The fact that this connection frames in to the girder at a distance that is 
closer to the column than other similarly heated beams nearby also plays 
a role. Because of this condition, the connection is more restrained from 
movement because the girder is less compliant at this location. As a 
result, more of the total deformation resulting from the sagging floor is 
localized in this connection. The deformed shape at failure is shown in 
Figure 9.  

The areas surrounding the initial failure location are already weakened 
due to thermal effects.  Therefore, once the initial failure occurs, it triggers 
a sequence of connection failures to the north and to the south because of 
their already weakened condition. This sequence is described in more 
detail in Appendix B and is outlined below. 

1. Initial finplate connection failure causes the supported secondary 
beam to descend and load is shed, via the slab, to the north and 
south of it, causing the floor in this area to sag further. Within 0.2 
seconds after the first finplate failure, this triggers failure in the 
already distressed knife connections at the north of column 80 and 
the east of column 81. This is evident in Figure 10. 

2. Failure of the knife connection on the north side of column 80 
triggers the descent of girder 79-80 which also triggers additional 
finplate connection failures to the north and additional sagging to 
the south as the floor continues to fall. This is illustrated in Figure 
11. 

3. As the slab falls, it pulls the already weakened knife connection on 
the North of column 81 away from the column, triggering the 
descent of girder 80-81. This triggers the descent of girder 80-81 
and the entire floorplate to the east between columns 79 and 81 is 
mobilized as shown in Figure 12. 

4. As this vast piece of floor descends, it pulls the girder south of 
column 81 off its seat which triggers descent of the rest of the east 
portion of the floor to the south of column 81 as shown in Figure 13. 
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5. Within 2 seconds of the first connection failure, most of the east 
floorplate has collapsed and impacted the floor below. Figure 14 
shows the model at this time and illustrates how widespread the 
extent of failure is. 

 

 

Figure 9: Close-up view of the eastern portion of the 10th floor between columns 80 
and 81. The finplate connection south of column 80 experiences combined rotation 
and tension due to the large sagging displacement in the secondary beams. These 
demands are exacerbated by the considerable degradation of the bolts at elevated 
temperature.  
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Figure 10: Close-up view of the eastern floor region between columns 80 and 81. 
Knife connection failures at column 80 and 81 are evident. 

 

 
Figure 11: Close-up view of the eastern floor region between columns 79 and 80 
0.65 seconds after the first finplate connection failure. Knife and finplate 
connection failures around column 79 are evident. 
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Figure 12: Close-up view of the eastern floor region between columns 80 and 81 
0.7 seconds after the first finplate connection failure. Knife connection failure on 
the north side of column 81 is evident. 

 

 
Figure 13: Close-up view of the south side of column 81, 0.85 seconds after the 
first finplate connection failure. Girder unseating is evident. 

Weidlinger Associates Inc. 

October 15, 2010   22 

 



  WTC 7 

Collapse analysis and assessment 

 
Figure 14: Extent of failure within 2 seconds after the first connection failure. 

 

2.3. Collapse Stage 3 – Collapse initiation 
When connection failure does occur and propagates to wider areas of the 
floor, the affected area of floor slab falls onto the floor below. Under 
ordinary circumstances, this would not have caused the collapse to 
propagate further downward because the 9th floor has sufficient capacity 
to absorb the impact and arrest the debris. However, because the 9th floor 
had also already been weakened by fire, the capacity of this floor had 
already been degraded to the point where the impact could not be 
sustained. Rather than the collapse of just one floor, as in ordinary 
circumstances, the 10th floor collapsed onto a weakened 9th floor, causing 
the collapse of that floor as well.  These scenarios have been investigated 
using a 2-floor version of the failure initiation model and the analyses are 
described in more detail in Appendix B.  

The ability of the 9th floor to arrest the falling 10th floor is illustrated by the 
analysis of the 2-floor scenario conducted with and without lower floor 
heating, and shows that lower floor impact does not fail when it is 
unheated. Figure 15 shows the vertical displacement, in inches, of this 
floor-to-floor collapse scenario when only the upper floor is heated in the 
same way as described in the previous stage. In this instance, the 9th floor 
remains unheated and is not damaged by the fire. The 10th floor initiates 
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failure in exactly the same way described previously, sequentially failing 
connections as it propagates and resulting in most of the 10th floor falling 
on to the 9th floor. This is illustrated in Figure 16 which shows the vertical 
velocity of the 10th (top) and 9th (bottom) floor framing components. It 
shows that the majority of the upper floor has collapsed onto the lower 
floor. That there is no significant discernable residual velocity in the 9th 
floor illustrates that the impact of the upper floor has been arrested.  

  

Figure 15: Connection failure initiation at the finplates propagates to a wide area of 
collapsed floor which impacts the floor below. Vertical displacement is shown in 
inches. The collapse is arrested by the 9th floor. 
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Figure 16: 10th floor framing (top) collapses over a wide area on to the 9th floor 
(bottom). The lack of significant discernable velocity on the lower floor illustrates 
that the impact of the upper floor has been arrested. 
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The above results are in dramatic contrast to the outcome of a scenario 
where both the upper and lower floors experience damage due to fire 
load. Observations on the day indicate that fires on the 8th and 9th floors 
were burning in this region of the building prior to collapse, with the lower 
floor fire lagging or simultaneous. Therefore, to reflect the fire environment 
on the day, the heating on the lower floor is delayed by 30 minutes. This 
allows the analysis results to represent a range of scenarios where 9th 
floor steel temperatures could have trailed the 10th floor temperatures 
anywhere from zero to 30 minutes. In this instance, the collapse of both 
floors occurs as illustrated in Figure 17. Because this analysis shows that 
collapse does propagate, the result is the same for scenarios with shorter 
lags in phasing.  This unusual fire evolution that has been observed in the 
final hours on the 8th and 9th floors is described in [Beyler, 2010]. 
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Figure 17: Vertical velocity (in/msec) snapshot of 2-floor model with lower floor 
heated. Lower floor collapses due to the combined effects of fire damage and 
impact from collapse of the upper floor. 
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2.4.   Collapse Stage 4 – Downward propagation 
As described above, the 9th floor failed as a result of the combined effects 
of direct damage due to fires below and the impact of the 10th floor from 
above.  As shown in the model, with the failure of this floor, two floors’ 
worth of debris (from floors 9 and 10) falls and impacts floor 8.  Floor 8 
then collapses and triggers the failure of subsequent floors below. This 
chain of events is unstoppable and ultimately continues down to the 
ground. 1.7 seconds elapse from the time debris first impacts floor 8 to the 
time it first impacts floor 5.   

Figure 18 provides an east elevation of the lower 10 floors of the building 
at the beginning (left) and end (right) of this phase of the collapse. 
Perimeter framing of the building has been omitted from this figure so that 
the progression of debris can be visualized more clearly. At the beginning 
of this phase, it can be seen that impact to the 8th floor is just about to 
occur and, at the end of this phase, the progression of floor collapse has 
descended as far as the 5th floor. Note that although the collapse has 
extended down through the 6th floor by the end of Stage 4, both trusses 1 
and 2 remain intact.  Though floor framing around Truss 2 has been 
damaged, the main diagonals remain unscathed.  Figure 19 illustrates the 
undamaged trusses at the end of this stage. Plan and elevation 
schematics for the transfer trusses are provided in Appendix A for 
reference. 

Figure 20 illustrates the extent of connection failures at columns 79, 80, 
and 81 at the beginning and end of collapse Stage 4. It shows that the 
columns have lost restraint over a range of 5 to 6 floors by the end of this 
stage. 

As illustrated in Figure 21, although the extent and severity of collapse is 
significant by the end of this phase of the collapse, none of this is visible 
from the vantage of the CBS video camera (CBS0000001.) Figure 21 also 
shows that the analysis is consistent with the CBS video in this regard.  
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Figure 18: East elevation of the lower 20 floors of the building at the beginning 
(left) and end (right) of collapse Stage 4 showing the propagation of collapsing 
debris over the duration of the stage. The perimeter frame has been omitted for 
clarity.  

 

 
Figure 19: At the end of Stage 4, Truss 1 is completely undamaged.  At Truss 2, 
floor framing members have failed, but the main truss elements are completely 
intact. 
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Figure 20: Extent of connection failures at columns 79, 80 and 81 at the beginning 
and end of collapse Stage 4.  Floor framing connections fail throughout this stage, 
increasing the unbraced lengths of these columns. 
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Figure 21: The extent and severity of collapse at the end of Stage 4 is significant 
but not yet visible to the CBS camera (top.)  From this vantage point, the area of 
collapse is obscured by buildings in the foreground (below).  (The video still image 
is taken from CBS0000001.)  
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2.5. Collapse Stage 5 – Column buckling 
Collapse continues downward, floor by floor, as described in Stage 4.  
Once collapse has propagated a sufficient distance down from the 
initiating 10th floor, interior columns on the east side of the building begin 
to buckle. This starts to occur at the beginning of Stage 5, approximately 
1.9 seconds after debris first impacts floor 8.  Figure 22 provides an east 
elevation of columns 79, 80, and 81 over the lower floors of the building.  
Buckling is illustrated through the presentation of resultant lateral 
displacement of all three columns at both the beginning and at the end of 
this stage. At the beginning of this phase, it can be seen that column 80 is 
the first to buckle.  Within 1.3 seconds, all three columns buckle.  

It is important to note that over the duration of this stage, the propagation 
of debris described in Stage 4 continues to descend through the lower 
floors of the building.  This is illustrated at the end of this stage in Figure 
23.  In this figure, debris has nearly reached the ground floor in the vicinity 
of column 79.  Trusses 1 and 2 are shown at the end of this stage in 
Figure 24.  While floor framing members at Truss 1 have failed, the main 
elements of the truss are seen to be intact.  At Truss 2, however, falling 
debris has significantly damaged the eastern diagonal of the truss. 

Figure 25 illustrates the extent of connection failure at columns 79, 80, 
and 81 at the beginning and end of collapse Stage 5. It shows that the 
columns are completely unrestrained over a range of at least 7 
consecutive floors by the end of this stage. 

By the end of this stage, the extent and severity of collapse are significant.  
As illustrated in Figure 26, however, none of this is visible from the 
vantage of the CBS video camera. In this regard, Figure 26 also shows 
that the simulation is consistent with the CBS video. 
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 Figure 22: East elevation of columns 79, 80 and 81 at beginning (left) and end 
(right) of collapse stage 5 showing the onset of column buckling. Resultant lateral 
displacements are shown in inches.  

 

 
Figure 23: East elevation of the lower 11 floors of the building at the end of 
collapse Stage 5 showing the propagation of collapse and debris over the duration 
of the stage. 
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Figure 24: At the end of Stage 5, floor framing at Truss 1 has failed, but the main 
elements of the truss remain undamaged.  At Truss 2, the eastern diagonal is 
damaged from falling debris. 

 

 
Figure 25: Extent of connection failures at columns 79, 80 and 81 at the beginning 
and end of collapse Stage 5.  Floor framing connections continue to fail 
throughout this stage, increasing the unbraced lengths of these columns. 
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Figure 26: The extent and severity of collapse at the end of Stage 5 is significant 
but not yet visible to the CBS camera (top.)  From this vantage point, the area of 
collapse is obscured by buildings in the foreground (below.)  Additionally, the 
collapse occurs within the footprint of the building and is likely hidden behind the 
building’s façade.  (The video still image is taken from CBS0000001.)  
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2.6. Stage 6 – Upward propagation 
Once columns 79, 80, and 81 buckle, as described in Stage 5, all floor 
framing once supported by these columns begins to fall.  Failure thus 
propagates upward to the top of the building virtually instantaneously, 
manifesting itself with the visible collapse of the east penthouse.   As 
viewed from the vantage of the CBS camera, the east penthouse begins 
to fall approximately 3.7 seconds after debris first impacts floor 8.  Figure 
27 provides periodic snapshots of the south elevation of the building. This 
shows the sinking of the east penthouse.  It also illustrates the 
tremendous amount of debris that is unleashed in this stage.  Failure is 
seen to have propagated as far to the west as column line 73-74-75.  The 
east elevation of the building is shown in Figure 28 at early and late 
instances of Stage 6. These two figures show that collapse at this stage 
has completely engulfed a region defined by columns 73-75 at the west, 
and the perimeter frame on the east, north, and south faces.  

Throughout this stage, the events described in previous stages continue to 
play out.  Collapse continues to propagate downward, and the damage 
and debris associated with that collapse causes additional columns to 
buckle.  Figure 29 illustrates the condition and behavior of Truss 2 
throughout this collapse stage.  The eastern diagonal was shown in Figure 
24 to have been damaged in the previous stage.  Under the continued 
impact of debris, that damage continues to grow in this stage.  This 
ultimately induces failure in columns 77 and 78, and Truss 2 consequently 
fails.   

Although the failure of Truss 2 is one of the many failures that occur at this 
stage, the cascading and flaring debris field all the way from the roof 
clearly demonstrates that the truss failure is a consequence rather than a 
driver of the propagating collapse front. Had Truss 2 not been present and 
had columns 77 and 78 continued straight down to the foundation without 
any transfer, they would still have buckled under the impact loads and the 
collapse would have further propagated until the entire building is 
engulfed. The collapse is at such an advanced stage that the entire 
building is already doomed to collapse, irrespective of the presence of 
Truss 2.  Meanwhile, Truss 1 remains in relatively undamaged condition 
through Stage 6, as illustrated in Figure 30.  Supporting column E4, 
however, begins to show signs of damage. 

As illustrated in Figure 31, Stage 6 marks the first instance where the 
ongoing collapse of WTC 7 is visible from the vantage of the CBS video 
camera.  From this view, evidence of the ongoing structural collapse first 
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becomes visible during this stage; while the collapse of the interior framing 
is hidden behind the building’s façade, the collapse of the east penthouse 
is plain to see.  Figure 31 also shows that the analysis is consistent with 
the video in this regard and closely follows the observed sinking of the 
east penthouse over the duration of this stage of the collapse. 

  

 
Figure 27: South elevation of collapse propagation at several instances during  
Stage 6.  The sinking of the east penthouse is visible in this stage.  By the end of 
this stage, a massive amount of debris has been unleashed. 
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Figure 28: East elevation at early (left) and late (right) instances of Stage 6 of 
collapse. Note that collapse has engulfed the entirety of the building in the north-
south direction within the perimeter frames.  

 

 

 

 
Figure 29: The east diagonal of Truss 2 has been compromised by debris impact 
less than 4 seconds after first connection failure. 
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Figure 30: Truss 1 remains relatively undamaged throughout Stage 6, though 
distortion in posts E3 and E4 is beginning to become visible. 
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Figure 31: Stage 6, is the first stage at which the ongoing collapse of WTC 7 is visible in 
the CBS video, (top). This is also true of the analysis, (bottom) which closely follows the 
observed sinking of the east penthouse. (The video still image is taken from CBS0000001.) 
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2.7. Stage 7 – Horizontal propagation  
The massive descent of debris described in Stage 6 continues throughout 
Stage 7.  Though this debris originates in the eastern portion of the 
structure, it does not remain confined there.  As the debris falls, it impacts 
intact beams delineating the region of collapse.  The impact fails the 
connections at these beams, allowing them to fall away.  This process 
chips away at the lateral bracing of the columns at the edge of the intact 
structure.  As seen in Section 2.5, sufficient loss of lateral bracing causes 
these edge columns to buckle.  The failed columns result in the collapse of 
the framing they supported, including girders supported at the columns’ 
west faces.  The collapsed framing also adds to the mass and volume of 
the falling debris, which then impacts beams on the new edge of intact 
structure, and so on.  With this domino effect set in motion, collapse of the 
interior framing progresses inexorably across the structure from east to 
west, as shown in Figure 32.  Figure 33 shows the buckling of columns 
70-72, three column lines west of 78-81, as the wave of failure passes 
across them. 

Truss 1 also fails during Stage 7, as shown in Figure 34.  As can be seen 
in Figure 35, columns 73 and 76 experience significant loss of lateral 
bracing during this stage.  As those columns lose bracing above, columns 
supporting Truss 1 below are impacted with large amounts of debris.  
These columns, E3 and E4, fail, causing the collapse of Truss 1.  As was 
noted with Truss 2, the failure of Truss 1 is not vital for collapse to 
progress.  With the ongoing loss of lateral bracing above, the buckling of 
columns 73 and 76 is inevitable.  

Figure 36 shows an additional comparison with the CBS video.  Here, the 
east penthouse has completely collapsed and disappeared below the 
building’s roofline.  Daylight is visible through the windows of the top floor, 
confirming that the structure behind the perimeter framing has been lost 
and shows that the analysis agrees with the video footage. 
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Figure 32: South elevation of interior framing at several instances during Stage 7. 
During this stage, collapse progresses horizontally across the structure from east 
to west. 

  

Weidlinger Associates Inc. 

October 15, 2010   42 

 



  WTC 7 

Collapse analysis and assessment 

  
Figure 33: East elevation of 70-72 after the onset of buckling. 

 

  
Figure 34: Late-term failure of Truss 1.  Truss 1 falls as its supporting columns, E3 
and E4, buckle under debris impact. 
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Figure 35: Lateral bracing at column 73 and 76.  As debris falls from above, the 
lateral bracing of the columns is increasingly stripped away.  This image shows 
the condition of these columns at the onset of buckling (left) and 2 seconds later 
(right.)  Column 76 fails as its support is lost when Truss 1 fails. 
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Figure 36: The east penthouse has collapsed and disappeared below the building’s 
roofline.  The simulation shows that at this point, all interior framing east of 
columns 73-75 has been lost.  The CBS video is in agreement with this as indicated 
by the appearance of daylight through the top floor windows. (The video still image 
is taken from CBS0000001.) 
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2.8. Most Plausible Failure Sequence 
We have been able to determine, through the collapse analyses and 
simulations, the mechanisms of the WTC 7 collapse.  We conclude that 
the fire temperatures, as calculated by Dr. Beyler, caused an initial failure 
on the 10th floor, leading to widespread collapse of the 10th floor slab onto 
the 9th floor.  Because the 9th floor was already weakened by fire, it was 
unable to arrest the collapse of the 10th floor, and it collapsed as well.  
This initiated a sequence of failures down through the building and 
horizontally across the building, culminating in a total collapse.  Our 
confidence in these conclusions is a product both of the detailed nature of 
our model and the match between our model and the visual evidence of 
the building on that day.   

It is clear that the building collapse would not have occurred but for the 
presence of unchecked traveling fires on two consecutive floors.  Under 
ordinary circumstances, the collapse of the 10th floor would have been 
isolated, and would not have led to total collapse.  On September 11, 
however, the unchecked fires on the 8th floor, occurring relatively 
simultaneous with the fires on the 9th floor, “preheated” the 9th floor, and 
left it in such a weakened state that it could not sustain the weight of the 
10th floor collapse, and it collapsed as well.  As Dr. Beyler explains in his 
report, the particular two-floor fire, as occurred here, where the fire on the 
lower floor lagged or was nearly concurrent with the fire on the upper floor, 
was a unique consequence of the conditions of September 11. 

It is also clear that once the 9th and 10th floors collapsed, a complete 
collapse of the building was inevitable. The weight and impact of debris 
released by each collapse triggered a sequence of further, ever expanding 
and flaring debris-driven failures. Given the momentum unleashed by this 
sequence of collapses over 47 floors, no single design element or feature 
could have altered that outcome, even if the alleged design and 
construction deficiencies had been addressed as proposed by plaintiffs’ 
experts (as demonstrated in Appendix C of this report). 
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3. REBUTTAL TO ASSERTED DESIGN DEFICIENCIES 
This section is a rebuttal to the two fundamental design deficiencies that 
plaintiffs' experts' claim caused the collapse of the building — the claimed 
failure to meet the lateral bracing requirement in the New York City 
Building Code and the claimed failure to adequately fireproof the flutes in 
the floor deck.  Through careful review of the plaintiffs’ experts’ analytical 
work, as well as our own thorough analyses, we demonstrate in this 
section that these postulated deficiencies did not exist in the building and, 
therefore played no role in its collapse.  We further demonstrate that the 
changes suggested by plaintiffs’ experts would not have prevented the 
collapse of the building on September 11.   

Mr. Nordenson attributes the collapse of WTC 7 to insufficient tension 
capacity of girder connections to interior columns, largely as a result of 
insufficient weld capacity of knife connections, while Dr. Bailey suggests 
the collapse resulted from inadequate fire protection.  This is summarized 
in the following excerpts from the plaintiffs’ reports:  

•  [Nordenson, 2010a, p.1]: “The primary vulnerability of the building 
was the fact that the steel floor framing connections to 18 of the 24 
interior columns (and 46% of all the floor-to-interior column joints) in 
the building failed to comply with the lateral bracing requirement for 
columns in Section C26-1001.2 of the Building Code of the City of 
New York.” 

• [Nordenson, 2010a, p.4]: “It is apparent from this sequence of 
events that the lateral bracing code violations at Columns 79 and 
80 as well as the presence of multiple, interdependent non-
redundant transfer structures were directly responsible for the 
progression from a local girder failure to a global collapse on 11 
September 2001.” 

• [Bailey, 2010, p. 2]: “The main design fault precipitating the initial 
failure was due to flutes between the top of the beams/girders and 
underside of the slab not being filled with spray fire-resistance fire 
material.” 

• [Bailey, 2010, p. 34] “In models where the flutes were filled no 
structural failure was identified leading to the collapse of girder 79-
44. This proves that if the flutes were filled then WTC 7 would not 
have collapse and the damage could have been repaired.”  
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The discussion that follows illustrates that, in support of his theory, Mr. 
Nordenson has deliberately underestimated the tension capacity of the 
knife connections in the building, claiming, without evidence, that the 
welds in those connections used an electrode now known to be faulty and 
has so understated the ductility and strength of those connections that if 
his theory was correct the building would have collapsed as the result of a 
temperature change of less than two degrees Celsius.  Mr. Nordenson has 
also ignored the contribution of the concrete slab and framing elements to 
lateral restraint and the actual conditions of the building.  We also show 
below that Dr. Bailey and the ARUP model that underlies his work are 
deliberately oversimplified and internally inconsistent and, therefore, 
inaccurately represent conditions within WTC 7.   

3.1. The role of knife connections in the collapse 
Mr. Nordenson’s claim that limited tension capacity of the knife 
connections played a primary role in the collapse of the building stems 
from unsubstantiated claims about how these connections were 
fabricated, capacity estimates that do not conform with either published 
test data or elementary plausibility calculations, and erroneous analytical 
models.  

Mr. Nordenson’s critique of the knife connections assumes, without any 
factual basis, that E70T-4 weld electrodes were used for shop welding the 
knife connections. This is significant, because the E70T-4 weld electrode 
is now known to be defective; it became notorious after it was determined 
in inspections that followed the 1994 Northridge earthquake that these 
electrodes caused welds in steel moment frame connections (not knife 
connections) that were particularly brittle and had cracked and failed in the 
earthquake.  

Mr. Nordenson appears to base the use of this electrode solely on the 
date of the construction of WTC 7 which pre-dated the earthquake.  There 
is no basis whatsoever to believe that these electrodes were used in this 
building, and ample reason to believe they were not. We reviewed all of 
the weld inspection reports and relevant shop drawings which make no 
mention of the use of this electrode at all, and do specifically indicate that 
other weld electrode types were used. The use of this brittle weld in Mr. 
Nordenson’s model, instead of relying on a well-established test data to 
characterize the performance of knife connections, is nothing more than a 
contrivance to suggest the weakest possible electrode.   
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Furthermore, Mr. Nordenson has significantly underestimated the strength 
of the knife connections.  Comparison of his estimates with available 
published test data show that Nordenson’s estimates are low by 
approximately a factor of 4 on strength and a factor of 30 on ductility.  This 
is illustrated in Figure 37, which compares the knife connection tensile 
properties ascribed by Mr. Nordenson to comprehensive test data 
published by Guravich and Dawe [Guravich, 2006].  Given the magnitude 
of this discrepancy between their asserted knife capacity and the capacity 
demonstrated through these tests, the plaintiffs’ experts’ assertion that 
inadequate tensile capacity of the knife connections led to the collapse of 
the building cannot be considered to be an accurate estimation of the 
performance of WTC 7.  

Further comparable discrepancies with test data of the same vintage as 
WTC 7 [McMullin, 1988] are included in Appendix C, which refutes the 
unsubstantiated assumption in [Nordenson, 2010a, Appendix A, p.6] that 
the knife connections, “… being pre-Northridge designs, likely did not use 
modern toughness rated welds”. That test data shows that knife 
connections constructed prior to the 1994 Northridge earthquake were at 
least as strong and ductile as those tested by Guravich in 2006. Mr. 
Nordenson and Prof. Ingraffea simply pick the worst electrode, with no 
basis in the record, to derive an artificially low knife connection capacity 
which is at odds with the body of published test data. This presumption is 
not only poor scientific methodology, but apparently the only way plaintiffs’ 
experts can relate the collapse to an alleged design error.   

 
Figure 37: Knife connection tensile capacity force vs. deflection curve derived by 
Ingraffea as compared to tested connections [Guravich, 2006].  
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Mr. Nordenson’s assumptions are demonstrably absurd.  As set forth 
below, if the capacity of the knife connections used in the construction of 
WTC 7 was actually as weak as Mr. Nordenson has represented in his 
calculations, failure of these connections would have occurred on any day 
in New York City, triggering widespread collapse throughout the building 
long before September, 2001.  

Mr. Nordenson ascribes a ductility of 0.01 inches [Nordenson, 2010a, 
Appendix C, Figure C3.2] to the tensile capacity of the knife connections 
but fails to recognize that this deflection limit would be exceeded if the 
temperature of the girder were to cool by only 2°C or more. This 
temperature change is calculated from the classic temperature-
displacement relationship in the equation below, given the span of the 
girder and coefficient of thermal expansion of steel.   

𝜹𝜹𝑻𝑻 = 𝜶𝜶(∆𝑻𝑻)𝑳𝑳 

Where:  

δT = Change in length of the girder ( 0.011048 inches, per GNA “As-built” 
analyses) 

α = Coefficient of thermal expansion (12E-6/°C at ambient temperature) 

ΔT = decrease in temperature 

L = span of the girder (45 ft = 540 inches) 

Rearranging terms and solving for ΔT: 

∆𝑇𝑇 =
𝛿𝛿𝑇𝑇
𝛼𝛼𝛼𝛼

=
0.011048

(12 × 10−6 ∙ 540) = 1.7℃ 

As an additional demonstration of the implausibility of the properties that 
Mr. Nordenson uses in his analyses for the knife connections, we 
evaluated the behavior of these asserted properties under simple gravity 
loads. We found that, using Nordenson’s assumptions, the knife 
connections fail under ordinary gravity loads alone. In other words, if 
Nordenson’s assumptions were true, the building would have collapsed 
long before September 11, just by the action of gravity. This further 
demonstrates that, not only are the asserted properties without basis, but 
also that they are unrealistically low to the point of absurdity. 

We conducted this analysis using our typical 1-floor failure initiation model, 
as described in more detail in Appendix D. In this model, the tensile 
properties of the spring elements used to model the knife connection 
welds were substituted with the tension properties used by Mr. Nordenson 
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in his “As-Built” column bucking analyses. The results of this analysis are 
shown in Figure 38, which demonstrates that when these properties are 
used all of the knife connections fail, resulting in widespread collapse of 
the floor.   

 

 
Figure 38: Re-analysis of the WAI 1-floor failure initiation model with knife 
connection properties proposed by Nordenson under gravity loading results in the 
failure of all 14 knife connections in the model. This is illustrated by the vertical 
displacements (inches) where displacement exceeding 10 inches at the 
connections is shown in pink.  

The net result of plaintiffs’ experts’ implausible estimates of the knife 
connection capacity would lead one to conclude that WTC 7 would have 
collapsed under normal gravity loads, or even the first time it experienced 
a drop in temperature of about 2°C. This is akin to saying that during 
construction of WTC 7, whatever was built during the day would collapse 
at sunset.  

Mr. Nordenson compounds these errors with his column buckling 
analyses.  Mr. Nordenson attempts to demonstrate that the knife 
connections are inadequate to restrain the columns and that column 
buckling occurs as a direct result of the claimed inadequate tensile 
capacity of the knife connections. However, his analyses are flawed on 
numerous levels. 
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1. The analysis software (SAP2000 v 12) used to conduct the column 
buckling analyses contains a bug (i.e., an algorithm that displays 
poor convergence and artificial instability) that is known to produce 
artificial and inaccurate results for this type of analysis [SAP, 
2009]. When these same models are re-analyzed using the current 
version of the software with this bug corrected (SAP2000 v 14), no 
column buckling is observed to occur. Since these column-buckling 
models are a cornerstone in the plaintiffs’ hypothesis of collapse 
causation and their link between design deficiency and knife 
connection capacity and collapse causation, that edifice turns out 
to be built on erroneous results from both inaccurate input and a 
version of the software with known algorithmic instabilities. 

2. The column buckling analyses suffer from the inaccurate and 
implausible knife connection capacity described above. Correcting 
the tension capacity to conform to the actual behavior 
demonstrated by physical testing shows that buckling would not 
have occurred as described in [Nordenson, 2010a]. It does not 
even occur in Mr. Nordenson’s models.  

3. Mr. Nordenson neglects that the 5th floor bracing would still restrain 
the columns in his collapse scenario and that accounting for this 
additional restraint prevents column 79 from buckling in his own 
model.  

4. Sensitivity studies of Mr. Nordenson’s analyses show that the 
column buckling mechanisms that he observed are subject to user 
defined input parameters such as the rate at which the load is 
applied and the arbitrary application of viscous damping, which 
biased his conclusions toward an unrealistic result. When we 
isolated either the load rate or the application of viscous damping, 
and then changed that single variable in Mr. Nordenson’s own 
model, column 79 fails to buckle, illustrating the dependence of Mr. 
Nordenson’s model on non-physical variables.   

Plaintiffs’ experts identify one supposed structural code violation in WTC 
7, but our analysis show that this claim is wrong. Mr. Nordenson claims 
that there was a failure to satisfy the 2% lateral restraint provision of the 
NYCBC [Nordenson, 2010b].  He reaches this conclusion through creative 
omission of some the primary components that restrain the column, such 
as the concrete slab and orthogonal framing, despite that these 
components are present and play a substantial role in restraining the 
columns, consistent with common engineering practice.  Although 
plaintiffs’ experts acknowledge that they do not count these supporting 
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elements, they fail to offer engineering calculations to support these 
omissions.  

The plaintiffs’ experts instead speculate that the floor slab would not 
support the column because theoretical gaps could form between the 
column and the slab due to concrete shrinkage.  They also focus on slab 
penetrations for pipes near “wet” columns (i.e., columns that have pipes 
running near them), and speculate that the proximity of these penetrations 
somehow renders the slab ineffective for the purposes of providing lateral 
restraint to the column. These issues, along with other alleged structural 
defects identified by the plaintiffs’ experts, are addressed as well in the 
expert report of Matthys Levy [Levy, 2010]. 

Neither rationalization reflects the actual conditions in the design and 
construction of WTC 7. Typical examples of the in-situ condition of the 
slab cast around the columns can be seen in Figure 39 and Figure 40, 
which show the slab was present and cast around the columns and that 
no obvious gaps between the concrete and the column are visible. 
Furthermore, no movement of the column, notional or otherwise, can 
occur without the column bearing directly against the slab.  These figures 
demonstrate that slab penetrations, when present, were placed at a 
diagonal, away from the bearing faces of the column that would have been 
exercised for lateral restraint. 

  

 
Figure 39: Photograph 4-20 from the Bernstein Morse Diesel collection, cropped. 
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Figure 40: Photograph 4-20 from the Bernstein Morse Diesel collection, cropped. 

 

As is consistent with common practice, and as demonstrated by our 
calculations, the interior columns are restrained by the slab that is cast 
around it.   

In addition, the orthogonal steel framing connections framing in to the 
column provide lateral restraint.  When these components are accounted 
for and the knife connection capacities are properly reflected, the actual 
degree of lateral restraint exceeds by far the 2% called for in the New York 
City Building Code. Our review of the lateral restraint of column 79, when 
all factors are taken into account as shown in Figure 41, illustrates the 2% 
provision is thoroughly satisfied for this column. 
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Figure 41: Lateral restraint calculations at column 79 showing that the 2% code 
provision is satisfied in all directions at all floors. 
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Furthermore, to directly refute Mr. Nordenson’s and Dr. Colaco’s claim 
that the slab and orthogonal framing do not contribute support to the 
columns, we have conducted a detailed finite element analysis of the 
column/slab interaction at column 79, including the upper bound effects of 
slab shrinkage and slab penetration. Figure 42 illustrates the model that 
was used in this assessment. Figure 43 shows that the actual capacity of 
lateral restraint to column 79 in the eastward direction was about 350kips. 
This analysis shows that Mr. Nordenson’s estimated 12kip capacity 
[Nordenson, 2010a, Table C.6.44] and Mr. Colaco’s 11.7kip capacity 
[Colaco, 2010, Table 5.1] do not remotely represent the actual as-built 
conditions in WTC 7 at column 79 or anywhere else in the building 
because the slab and orthogonal framing do provide significant lateral 
restraint to the column.   

Our analyses described in Section 2 of this report further illustrate that the 
actual mechanism whereby lateral restraint of interior columns is lost 
stems from the impact of debris from at least two floors collapsing down 
on to the floor in question. These conditions are far more severe than the 
2% notional load conceived in the NYCBC provision to allow for out-of-
plumb conditions. Accordingly, even if the 2% capacity had been satisfied 
in the connection alone, as Mr. Nordenson and Dr. Colaco would want it, 
neither connection nor column would have survived the impact of multiple 
collapsing floors upon it, nor would a complete building collapse have 
been averted.            
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Figure 42: Detailed model of slab around column 79. Note slab penetrations for 
pipe shafts adjacent to column. Empty spaces in the slab indicate where slab has 
been conservatively removed for modeling simplicity. 

 

Figure 43: Lateral restrain at column 79 showing that the actual capacity of lateral 
restraint to column 79 in the eastward direction was about 350kips. This equates to 
more than 4% of the maximum column axial load at typical floors (8th floor and 
above).  
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3.2. The significance of fire protection in girder unseating 
The work carried out by Dr. Beyler and documented in his expert report 
[Beyler, 2010] demonstrates that the specification and application of 
SFRM was code compliant and that the flutes of the metal decking were 
filled. In spite of the appropriate use of SFRM, the steel temperatures that 
were achieved on September 11 ultimately overwhelmed the structural 
system by attacking a variety of the structural framing connection types 
over wide areas of the floor plate. Our analyses summarized in Section 2 
of this report demonstrate that the severity of the fire challenged the knife 
connections, fin plate connections and seated connections, all of which 
contributed to the initiation of collapse.     

While Dr. Bailey asserts that inadequate fire protection caused the girder 
between columns 79 and 44 to unseat (i.e., separate at its connection 
from column 79), that assertion is not supported by ARUP’s analyses.  
Plaintiffs’ experts conducted four analyses which they claim illustrate that 
girder unseating only occurs when flutes of the metal decking are not filled 
with SFRM over the top flange of beams. However, their structural-fire 
analyses are flawed on a number of fundamental levels. 

Thermal environment inconsistent with other experts 
First, the analyses depend on heat curves that are arbitrary, and unrelated 
to either the particular facts of this fire or the data generated by plaintiffs’ 
own experts.  When describing the heating regime that he selected to 
drive his structural-fire analyses, Dr. Bailey [Bailey, 2010, p. 26] states that 
“The fire curves are not intended to represent the actual fire within WTC 7, 
but were derived to allow the structure to be investigated to highlight the 
weak points in the design of the building”. Yet, in making this choice, Dr. 
Bailey ignores the very data that ARUP, the organization he relies upon 
for the computer analysis of the failure initiation, generated. ARUP had 
produced a detailed FDS analysis intended to simulate the actual fire 
environment on September 11 [Mowrer, 2010, Appendix C, FDS data 
produced]. Dr. Bailey then discards it and instead uses what he calls a 
“parametric” heating regime, i.e. a purely hypothetical temperature curve 
that uniformly heats all steel and bears no resemblance to a real fire. Dr. 
Bailey does not explain why he ignores this more specific analysis.  Nor 
does he explain how assumptions that he admits are not representative of 
the actual fires can be used to ascertain that certain behaviors (such as 
girder unseating at column 79) on the day were indeed likely to have 
occurred.  
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This choice is outcome determinative.  When the temperature time 
histories calculated in the ARUP FDS analysis are converted to steel 
temperatures, using the heat-transfer analysis methodology adopted by 
Prof. Mowrer (plaintiffs’ fire expert) [Mowrer, 2010], and those steel 
temperatures are used as input to their Abaqus structural model, the 
analysis results in girder unseating along with knife connection failure 
regardless of whether flutes were filled or not. This is illustrated in Figure 
44.  

Clearly, ARUP’s analyses and models, when used consistently, do not 
support the distinction they make or the conclusions they draw on the role 
of fireproofing in the flutes. To the contrary, the ARUP model supports the 
conclusion that, on September 11, the fire environment was so severe that 
a floor system collapse was inevitable, whether the flutes were filled or 
not. It would appear that plaintiffs’ experts needed a contrived fire scenario 
to try to pin the collapse of WTC 7 on an alleged design error.  

 
Figure 44: When plaintiffs’ structural analysis model is exercised using the 
temperatures they calculated using FDS, failure of all of the connections at column 
79 occurs after 334 minutes of heating regardless of whether flutes are filled or not 
(left).  This differs dramatically from the plainitff’s analysis using their posited 
800°C Filled Flutes parametric fire case (right) [Reproduced from Bailey, p. D69]. 
Plaintiffs’ experts own best estimate of the fire environment on the day, when 
implemented in their Abaqus structural model, shows that collapse would have 
occurred whether the flutes were filled with fireproofing or not.  

 

Sensitivity to modeling simplifications 
Second, while Dr. Bailey claims that he designed his model to allow the 
structure to be investigated to highlight the weak points in the design of 
the building” [Bailey, 2010, p. 27], it is evident that the “weak points” were 
already preconceived by the plaintiffs before the structural fire analysis 
model was constructed. This is reflected in the following statement under 

Weidlinger Associates Inc. 

October 15, 2010   59 

 



  WTC 7 

Collapse analysis and assessment 

the heading of Objectives: “The detailed responses of the three girders 
that are supported off column 79 – deemed to be the primary collapse 
initiating event as they correspond to the area where collapse was 
observed to have initiated” [Bailey, 2010, p. Di]. This outcome-
determinative approach further compromises the reliability of the 
conclusions that plaintiffs’ experts have drawn from the structural fire 
analyses, because their model is biased toward failure at the pre-
conceived location of the seated connection at column 79.  

Plaintiffs’ experts’ biasing is evident in the modeling approach that was 
adopted at the column 79 location, which differs substantially from the 
approach used everywhere else in the model, where they adopted a 
“simplified” modeling approach. This is evident in [Bailey, 2010, p. Di, 
Figure 1] which highlights that only the connections at column 79 and 44 
were modeled in detail, including every bolt and connection plate, whereas 
all other connections were represented with simplified connector element 
definitions to approximate the behaviors. This figure is reproduced in 
Figure 45 below which also shows that the behavior of the shear studs are 
modeled in a way that allows them to fail only in the northwest corner of 
the building (dotted red lines); everywhere else they are treated as rigid 
and are unable to break in the analysis (solid red lines).  

 
Figure 45: Reproduced from Bailey, Appendix D, Figure 1. Annotation in blue 
provided to emphasize that only columns 79 and 44 were modeled with sufficient 
detail to quantify the complex behaviors being analyzed.  
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This bias directly influences the outcome of Dr. Bailey’s analysis.  The 
simplified modeling approach ARUP used for the majority of the building 
exhibits a different degree of sensitivity to the thermal environment, and 
has a reduced ability to represent failures, when compared to the more 
detailed modeling techniques he used around column 79. This different 
sensitivity is prominent in the behavior of the shear studs that connect the 
floor to the underlying girders and provide lateral restraint.  In the north 
east corner of the ARUP model, the portion modeled in detail, the shear 
studs fail in each of ARUP’s analyses. However, ARUP’s model is set so 
that the shear studs cannot fail anywhere else in the building.  The shear 
studs in those other portions of the building are assumed to have infinite 
strength, and are literally not allowed to fail even when the physical 
conditions are identical to those in the north east corner of the building.  
This is evident in Figure 46, which highlights two adjacent secondary 
beams in the 800°C flutes filled case where the section size (W24x55) and 
heating is identical and spans only differ by 3inches. This figures shows 
that all of the shear studs have failed on the beam to the north, whereas 
none have failed to the south. With broken shear studs, the beam to the 
north has lost not only composite action but also lateral restraint and 
results in much larger deflections. This obvious disparity in the response 
occurs in all of ARUP’s analyses and demonstrates that their analysis 
approach is only capable of identifying “weak points” in the locations 
where plaintiffs decided to establish them.   
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Figure 46: Shear stud breakage at the end of the 800°C flutes filled case showing 
discontinuity in shear stud response as a result of differing modeling approaches. 
Reproduced from Bailey, 2010 Appendix D, Figure 129. Annotation in blue added 
for illustrative purposes. 

 

The approach that ARUP used to simplify connection behaviors is similarly 
flawed. One example is the finplate to girder connections, where the 
simplified connection models include a spring-representation of the 
rotational stiffness of these connections. These input stiffness properties 
were not derived to represent the actual rotation properties of the 
connection, but instead were contrived to restrict the secondary beam 
from rotating far enough that the end of the beam penetrates through the 
web of the girder. This is explained in Bailey, Appendix D, Section B7.1.4. 
Figure 47 compares ARUP’s contrived curve against the properties 
derived in our work described in Appendix D.  
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Figure 47: Moment rotation behavior of 6-bolt finplate connections. Note that 
plaintiffs’ experts’ curve has been truncated for display purposes as the moment 
capacity extends for several orders of magnitude beyond the displayed range. 

 

We explored the significance of this modeling assumption by substituting 
ARUP’s contrived moment-rotation curve with the one that we derived for 
6-bolt finplate connections. This modification was made to their 800°C 
flutes filled analysis model and affected only their “F6” and “F6toshell” 
connector definitions. When these changes are made, we found that the 
seated connection behavior changes demonstrably. It results in partial 
collapse of four secondary beams as illustrated in Figure 48 and dramatic 
twisting of the seated connection which is “precariously” situated at the 
end of the analysis as shown in Figure 49.  

Additional results of this study are provided Appendix C which further 
demonstrate that ARUP’s selective and contrived use of “simplified” 
modeling techniques, particularly with regard to connections, is inaccurate. 
The results of this analysis are demonstrated to be artificial and lead to 
inaccurate conclusions and do not support Dr. Bailey’s  assertions that 
failure initiation occurs as a result of flutes being unfilled.  
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Figure 48: Abaqus model showing partial collapse of the bay northeast of column 
79 occurs as a result of changing the artificial moment vs rotation properties of the 
simplified finplate connections to a realistic representation for the 800°C Filled 
Flutes Case. 

 

 

 
Figure 49: Behavior of the seated girder changes dramatically when the finplate 
connection behavior is implemented (left) when compared to the plaintiff’s original 
800°C Filled Flutes Case (right).   
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Internal consistency errors 
Third, there is also a serious flaw in ARUP’s approach to studying the 
significance of the asserted absence of fire protection. Profs. Bailey and 
Mowrer claim that the fire protection was absent from the flutes and that 
this must have caused the collapse of WTC 7. They seek to prove this 
claim through an ARUP study that assesses the behavior of the structure 
when two parameters, the fire protection and the fire scenario, are varied. 
It is a fundamental tenet of the scientific method that the variable being 
studied (e.g. the presence or absence of fire protection) must be “isolated” 
in the study. This means that all other variables must be unchanged in the 
cases being compared in order for the conclusions to prove the 
hypothesis. The ARUP study does not do this, and consequently, this 
study cannot be a reasonable and acceptable basis for the claim that 
girder unseating occurs as a result unfilled flutes.  

For unknown and undocumented reasons, ARUP has introduced 
additional variables in its four models (700°C filled and unfilled, 800°C, 
filled and unfilled) such that none of the structures modeled in the four 
cases considered are actually the same, though they should all be 
identical. The source of these variations lies in the input used to represent 
the connection types denoted as “STC5” and “STP1” connector elements 
within their models.  

We undertook the re-analysis of Case 2 (700°C filled). We did so by 
extracting the Case 2 temperatures and imposing these on the Case 4 
(800°C filled) structural model, since the structure should be the same. We 
found that the behavior completely changed as a direct result of these 
connection properties. Where the 700°C filled case did not fail in the 
version that was provided and documented in the ARUP report, our simple 
consistency test resulted in the collapse of the secondary girders along 
the east wall which, in turn, unseats the girder by twisting it off its seat, for 
the 700°C unfilled case. This is illustrated in Figure 50, which compares 
the response of the consistent model with results produced by ARUP from 
the original analysis. These figures show that by making these connection 
properties consistent with those used in the 800°C  filled analysis, the 
results change from no-collapse to collapse (i.e., the building collapses 
even if the flutes in the model are filled with fireproofing). These results 
demonstrate that ARUP’s model, when exercised consistently, does not 
support Dr. Bailey’s assertion that collapse occurs as a result of unfilled 
flutes.   
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Figure 50: Comparison of 700deg filled model exercised with consistent properties 
with results using inconsistent properties reported by ARUP in Bailey, Appendix D, 
Figure 112. Using consistent connection properties results in failure where it did 
not occur previously. 

 

 

Unsubstantiated mechanisms of failure initiation 
While Dr. Bailey points to ARUP’s four analyses to illustrate his claim that 
girder unseating only occurs when flutes of the metal decking are not filled 
with SFRM over the top flange of beams, the analyses, when carefully 
examined, do not actually support that assertion. 

One prominent shortcoming of ARUP’s analyses is that the results do not 
exhibit the girder unseating that Dr. Bailey claims; all of their analyses 
terminate before unseating actually occurs. Yet, Prof. Bailey and ARUP 
claim that their 700°C Unfilled Flutes case demonstrated that the girder 
unseated. They make this presumptive determination on the basis that the 
girder “sits precariously at the edge of the seat” [Bailey, 2010, p. D12] but 
they do not define what constitutes a “precarious” position. This 
presumption of unseating is contradicted by the vertical deflection analysis 
results presented in [Bailey, 2010, Appendix D, Figure 37], which shows 
that the vertical deflection of the girder remains stable. This figure is 
reproduced and annotated in Figure 51.  
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Figure 51: Reproduction of Bailey, Appendix D, Fig. 37. Blue annotation provided 
to illustrate that the girder remains stable in their analysis. Red annotation arrow is 
theirs. 

 

ARUP’s analysis results for this case do show considerable horizontal 
motion of the top flange of the seated girder which is illustrated in Figure 
52. However, this motion occurs only as a result of the removal of two 
small elements at the corner of the top flange in the model, as indicated in 
Figure 52. ARUP’s criteria for removing these two elements is 
questionable given the concerns raised by Dr. Beyler [Beyler, 2010] about 
the analysis techniques and methodologies used by Prof Mowrer to 
determine the top flange temperatures. This is especially true given the 
absence of consideration of the heat-sink effects of the slab described in 
Dr. Beyler’s report. As such, Prof. Bailey’s assertions about girder 
unseating in this scenario are based on an analysis which provides no 
scientific foundation for his conclusions. 
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Figure 52: 700°C Unfilled Flutes Case 1 from Figure 30 of Bailey, Appendix D. 
Annotation in red boxes is their own, annotation in blue is added for illustration 
purposes. 

 

The only other analysis scenario where the plaintiffs claim that girder 
unseating occurred as the cause of failure initiation is the 800°C Unfilled 
Flutes case. ARUP’s analysis of this scenario also suffers from the same 
problems of the top flange corner element removal, as described for the 
previous case, and therefore also exhibits substantial deformations at the 
seat. In this instance, their analysis does illustrate run-away deflection of 
the seated girder [Bailey, Appendix D, Figure 69], and Dr. Bailey attributes 
this failure to “flexural instability of the secondary beams and girder 79-44” 
[Bailey, 2010, p.34]. However, Dr. Bailey and ARUP fail to explain that this 
flexural instability observed in their model is attributable to the rupture of 
the top flange and web of the girder at the secondary beam location north 
of column 79 as illustrated in Figure 53. As can be seen in this figure, the 
rupture severs the top flange and most of the web through the depth of the 
beam; leaving it unable to carry vertical load. Rupture of this type is not 
considered to be a reasonable or realistic behavior, since it is more likely 
that the fin plate connection would fail or the secondary beam would 
crumple before it would penetrate the girder as shown in ARUP’s model. 
This strange behavior is not consistent, as Dr. Bailey claims, “in 
accordance with well-known structural phenomena in fire” [Bailey, 
Appendix D, p.D20]; that fact on its own should have raised ample red 
flags concerning the validity of the analysis.     
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Figure 53: Rupture of the girder at the first secondary beam connection to the 
north of column 79 is not a realistic physical response of structural phenomena in 
fire.  

 

Connection behavior inconsistent with other experts 
In addition to the issues described above, Figure 54 shows that the 
degree of deformation accommodated by the knife connections is 
considerable, and it is evident from Dr. Bailey’s Figure 47 in Appendix D 
that these deformations are also present in ARUP’s analysis of a filled 
flutes condition. The deformation of these connections in these analyses 
exceeds the 0.01” limit that is taken by Mr. Nordenson to constitute knife 
connection failure by at least a factor of 20. It is evident that the plaintiffs’ 
experts have merely selected different connection failure criteria in 
different analyses without scientific basis.     
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Figure 54: 700°C Unfilled Flutes Case 1 from Figure 31 of Bailey, Appendix D. 
Annotation in red boxes is their own, annotation in blue is added for illustration 
purposes. 
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4. REBUTTAL TO OTHER ERRONEOUS CLAIMS  
In addition to the plaintiffs’ experts’ theories concerning the initial collapse 
refuted above (and in more detail in Appendix C), the plaintiffs’ experts 
reach other erroneous conclusions concerning the behavior and design of 
the floor slabs and trusses following the theoretical initial collapse, 
including:  that the impact of the girder unseating and the resulting 
theoretical floor failure onto an undamaged floor would result in floor to 
floor propagation of collapse to the ground;  that the use of trench headers 
(i.e., channels in the concrete floor slab for cables and other building 
systems that are located in many modern office buildings) in the design 
played a primary role in the global collapse; and that a hypothetical diesel 
fuel fire in combination with the use of transfer trusses contributed to the 
collapse.   

This section demonstrates that these assertions are false.  First, Mr. 
Nordenson misrepresents the condition of the structure associated with 
the failure scenario that he posits and also applies the law of conservation 
of energy incorrectly in his posited initial floor collapse. When correctly 
applied, these calculations illustrate that the lower floor does not collapse 
under Mr. Nordenson’s own theory.   

Second, Mr. Nordenson’s theory mischaracterizes the mechanisms for 
horizontal propagation. He overestimates the horizontal force or tugging 
effect of a falling section of floor slab on an intact portion of the floor 
around a trench header, by creating a model that only has two points for 
the load, rather than spreading it along the fault line in the slab, and 
incorrectly calculating the magnitude of the load carried by the 
connections on that floor.  Additionally, he characterizes the behavior of 
the knife, header, and fin connections in his analysis in ways that do not 
even agree with those posited by ARUP. Our analysis of his model shows 
that if only one more horizontal point laod is added, there is no failure of 
the intact portion of the floor slab. We also demonstrate that failure does 
not occur when appropriate connection properties are used in his model.  

Finally, we demonstrate below that Prof. Torero’s model of a collapse 
centered on the fifth floor and the failure of the transfer truss on that floor 
due to a hypothetical diesel fire is grossly oversimplified and does not 
match the visible evidence on the day.   
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4.1. Floor-to-floor impact 
Mr. Nordenson’s conclusion that the girder unseating at column 79 at the 
floor in question would result in floor-to-floor collapse propagation down to 
ground [Nordenson, 2010a, Appendix B] is predicated on an incomplete 
application of the law of conservation of energy. Indeed, Mr. Nordenson 
neglects a number of significant physical behaviors which would have 
been at work during the event as they formulate it.  

For instance, the potential energy calculations performed by Mr. 
Nordenson do not conform to the collapse initiation scenarios that he 
posits. This is evident when comparing the assumed deformed shape of 
the floor in his model prior to unseating, in Figure 55, against the ARUP-
calculated deformed shape prior to unseating, shown in Figure 56 and 
Figure 57. These figures show that prior to the initial collapse secondary 
beams have already begun to buckle and fail, reducing the distance the 
floor falls which reduces that energy associated with the collapse. 
Furthermore they presume that none of significant extensive strength and 
stiffness degradation as a result of the substantial heating that the floor 
experienced, as illustrated in Figure 58, would have any effect whatsoever 
on the impact behavior. In actuality, the effect of that heating would mean 
that the floor would have the ability to absorb significant energy on impact.  

 
Figure 55: Deformed shape at onset of unseated assumed in GNA calculations. 
[GNA figure B2.2]. Temperatures are assumed ambient. 
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Figure 56: ARUP model of Case 1 Floor deformation. Image created from ARUP 
output file 090731_WTC 7_700_unfilled_revised_STC5.odb. Approximate lower 
floor location added at 12’-9” below upper floor top-of-steel. Prior to unseating, 1 
secondary beam has already passed through lower floor. Upon unseating, bottom 
of secondary beam is only approximately 7’-7” off the lower floor. 

 

 
Figure 57: ARUP model of Case 3 Floor deformation. Image created from ARUP 
output file 090727_WTC 7_800_Unfilled_revised.odb. Approximate lower floor 
location added at 12’-9” below upper floor top-of-steel. Upon unseating, the bottom 
of secondary beams are only approximately 4’-7” off the lower floor   
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Figure 58: Case 3 steel temperatures at time of girder unseating (degrees, C). 
Image produced form ARUP output file 090727_WTC 7_800_Unfilled_revised.odb. 
Temperatures of beam elements (shown as lines) are bottom flange temperatures. 

Mr. Nordenson estimates the energy dissipated through the failure of the 
collapsing floor slab based on fracture energy, Gc, rather than internal 
energy, U. This approach carries the implicit assumption that all pieces of 
deck and reinforcement contain an initial crack around the boundaries 
formed by dropping the girder at 79. This approach is unrealistic, 
inconsistent with thorough engineering practice, and results in 
underestimating the associated energy dissipation of the falling floor by a 
factor of 30. 

There is practically no allowance for the significant deformations 
(especially considering the degradation and deformations due to heating) 
of the upper floor that would occur upon impact. They have effectively 
treated the upper floor as a rigid impactor; this is erroneous, and contrary 
to reality, because it assumes that the floor cannot deform in any way 
upon impact and absorbs no energy.  

Similarly, Mr. Nordenson assumes that the impacted lower floor is also 
completely rigid with the sole exception of the seated girder connection. 
This assumption contradicts his own calculation which shows that girder 
impact at the assumed 1/5th point would cause the girder to yield, and the 
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girder would therefore absorb the energy that he claims would fail the 
seated connection on the lower floor. 

These assumptions demonstrate that Mr. Nordenson’s assessment of the 
energy of the collapsing floor can be considered neither accurate nor 
“conservative” [Nordenson, 2010a, Appendix B, p. B2] and his conclusion, 
that collapse propagates when a single fire-damaged floor impacts an 
undamaged lower floor, is demonstrably false. 

4.2. The role of trench headers in the collapse 
Mr. Nordenson’s conclusion that the use of trench headers in the floor 
slabs played a primary role in the horizontal collapse propagation is also 
founded on an oversimplified representation of the forces at play on the 
floor slabs in the building during the collapse. 

Mr. Nordenson’s floor diaphragm model only uses two eastward horizontal 
point loads to represent the tugging effect of falling floor segments to the 
east of the intact portion of the floor. This means that the entire horizontal 
load of the falling floor is concentrated at two locations only, as shown in 
Figure 59, which is both unreasonable and unrealistic. In reality, the falling 
floors to the east, as imagined in Mr. Nordenson’s collapse scenario, 
would exert their load along the entire width of the building from the north 
to the south perimeter frames. Along this width, all the girders in the east-
west direction as well as the floor deck and the concrete slab would be 
subjected to the eastward tugging forces as shown in Figure 60. Our 
analysis shows that there is no failure of the floor diaphragm at the 
perimeter of the core or at the trench headers if the load is distributed 
more realistically, or even by the addition of one more point. This is 
illustrated by the following example: 

We applied three point loads as shown in Figure 61. The three points 
correspond to the locations of the support provided by the east-west 
girders at columns 73, 74, and 75 (Mr. Nordenson’s two point loads were 
applied only at columns 73 and 75, although his report acknowledges the 
support provided by all three of the columns on page D7). When the 
additional point is included in Mr. Nordenson’s model none of the link 
elements that he uses to represent connections fail and the floor does not 
rupture illustrating the weakness of his theory. 

Mr. Nordenson’s own computer model shows that the building collapse 
could not have progressed horizontally in the manner he asserts. 
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Figure 59: Floor diaphragm load application ascribed by the plaintiff is only applied 
at two locations without basis or justification. 

 

 
Figure 60: Accurate application of loads is distributed across the diaphragm an all 
framing members.  
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Figure 61: Three-point load distribution on floor diaphragm at internal East-West 
girder locations. 

 Not only is the load applied incorrectly in Mr. Nordenson’s model, the 
magnitude of the load is also manipulated to include an artificial maximum 
value based on the assumption that girders at the failed side of the 
diaphragm would develop tension forces corresponding to 45 degree 
rotations as illustrated in Figure 62. However, the connections at the east 
side of these locations (columns 73 and 75) are seated and header 
connections respectively which would have failed at rotations less than 10 
degrees and are therefore only capable of delivering no more than 1/3rd of 
the asserted tension force. This means that Mr. Nordenson’s model 
transfers too much force through the connections from the falling floor slab 
to the intact part of the floor, thereby increasing the load on the intact floor 
beyond a realistic level.  

118.5 kips

118.5 kips

59 kips
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Figure 62: Basis for Horizontal Loading on Diaphragm Model (Reproduced from 
Figure D2.5a,b on Page D8 of GNA Report). 

 

Mr. Nordenson’s floor diaphragm analysis is another instance where his 
mischaracterization of connection behavior leads to erroneous results. 
When appropriate properties are used for these connections in his 
analysis, diaphragm separation is not observed to occur. Furthermore, the 
analysis properties that he has used for the knife, fin, and header 
connections are totally different from the properties that ARUP used for 
the same types of connection in their analyses. For example, Mr. 
Nordenson’s knife connections are about 5 times weaker and 3000 times 
more brittle that ARUP’s knife connections. It is physically impossible for 
both the ARUP connection properties and Mr. Nordenson’s properties to 
be an accurate representation of the connection behavior. Once again, it 
appears that plaintiffs’ experts have merely selected different connection 
failure criteria in different analyses without a scientific basis.    

 In addition, Mr. Nordenson fails to accurately calculate the capacity of the 
floor diaphragm at the trench header location. For example, he improperly 
calculates the lap-splices of the decking. These splices occur throughout 
the floor plate, but never directly under the trench headers and they would 
always have had slab reinforcement directly over the splice; which was 
neglected from his calculation. Furthermore, the continuity of the decking 
below trench headers is completely discounted in their assessment.  

The plaintiffs’ experts fail to recognize that the primary mechanism for 
horizontal collapse propagation is cascading debris following interior 
column buckling regardless of the presence of trench headers. Regarding 
the role of trench headers in the propagation of collapse, our whole 
building collapse analysis shows (as described in Section 2) that the 
propagation of collapse occurs in the absence of any trench headers at all. 
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4.3. The role of transfer elements in the collapse 
Both Mr. Nordenson and Prof. Torero mischaracterize the role of the 
transfer trusses in the collapse of the building. Mr. Nordenson concludes 
that, upon buckling of a column or columns, horizontal propagation of 
collapse occurs as a direct result of the use of transfer elements in the 
lower floors. However, this neglects that the primary mechanism for 
horizontal collapse propagation after column buckling is the outwardly 
radiating, cascading debris descending the entire height of the building. 
Instead, Mr. Nordenson proposes a “chute” by which the debris is directed 
only to the transfer trusses and none of the surrounding area or the 
columns they support. By neglecting the fact that the falling debris is 
actually widespread Mr. Nordenson fails to recognize that, had there been 
no transfer elements in the building at all, the outcome would have been 
the same because the impact of cascading debris fails increasingly wider 
areas of floor as it descends over a height of over 40 stories; leaving 
progressively wider areas of columns unrestrained from buckling.  

Prof. Torero, in turn, argues that diesel fuel fires in the mechanical room 
would burn long enough to cause Truss 1 and Truss 2 to fail, and then 
proffers a simplistic global collapse scenario as a result of this failure.  
Both are incorrect. 

4.4. Diesel fuel fires in the mechanical room 
Prof. Torero posits a diesel fuel fire in the 5th floor mechanical room that 
he asserts would burn hot enough and long enough to potentially weaken 
members of Truss 1, Truss 2, and Column 79 either in conjunction 
simultaneously or individually. He then exercises a simplistic model of the 
lower 15 floors of the building which he claims is devised to emphasize, 
“global behavior” [Torero, 2010, p. 10] to calculate deflection patterns at 
the 15th floor. On the basis of those vertical deflection patterns, he then 
claims to be able to discern what the “most likely collapse scenario” 
[Torero, 2010, p.22] is by comparing them to video and photographic 
visual evidence of the collapse of WTC 7. 

In addition to the implausibility of the fire scenario that he postulates (as 
explained in the expert report by Dr. Beyler), there are several 
fundamental errors in Prof. Torero’s analytical approach which leads to 
equally flawed conclusions. First, Prof. Torero fails to recognize that 
redistribution is not properly characterized in his analyses because there 
is no representation of connection behavior in his analyses. He assumes 
that all of the connections in the building are infinitely rigid and infinitely 
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strong and refuses to acknowledge that the rigidity and strength of the 
connections (the knife connections at column 79, for example) are critical 
factors in determining how much load can be transferred to adjacent 
columns when another is weakened by fire. This approach is in direct 
contradiction with all of the assertions the plaintiffs’ other experts have 
made about the limited capacity of the knife connections and seated 
connections. Furthermore, it raises the obvious question as to why 
redistribution figures so prominently in the propagation of collapse in this 
scenario but plays no role whatsoever in the collapse described by Mr. 
Nordenson.  

If Prof. Torero had checked any of the forces (and associated deflections) 
that he claims would have re-distributed against the capacity of the actual 
floor framing connections that were used in the construction of WTC 7, he 
would have quickly discovered that the actual connections could not have 
transferred the forces to the degree he asserts. Without having performed 
these checks, his numerous descriptions of redistribution as a means to 
support his asserted observations cannot be accepted as anything more 
than unsubstantiated hypothesis. 

In addition, there is significant discrepancy between what Prof. Torero 
deems to be “consistent with the visual evidence of the collapse of WTC 
7” [Torero, 2010, p. 35] and what his models actually show. For instance, 
Prof. Torero concludes that, “An analysis of the effects of the failures of 
Trusses 1 and 2 was carried out. The displacement pattern produced 
followed even more closely that of the observed kink”. [Torero, 2010, 
p.31]. However, he fails to explain the basis of his comparison. By taking 
the results of his analysis (in this instance, from his model called 
“Heat_T1_T2”), scaling the displacement up by a factor of 10 (as he has 
done in many of his figures) translating his model so that the top of the 
15th floor is where the roof of WTC 7 would have been (otherwise his 
analysis is obscured from view) and viewing the results in perspective 
from the same location of the CBS video, there is absolutely no 
discernable evidence of the “kink” or any other deformation that can 
reasonably compared to any of the visual evidence the we are aware of. 
Prof. Torero never specifies what “visual evidence” he is referring to, but it 
is evident in Figure 63 below that his analysis offers no means by which a 
direct comparison can be made.  
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Figure 63: Rendered perspective of analysis results from Prof. Torero’s model (top) 
[results from Torero output file Heat_T1_T2.odb]. Model has been translated so 
that the top of the 15th floor corresponds to the roof location; deformations have 
been magnified by a factor of 10. None of the damage described in this analysis is 
visible from the position corresponding to the CBS video and does not correlate 
with either the penthouse collapse(middle) or formation of the “kink” (bottom). The 
analysis results are not consistent with the visual evidence of the collapse.  
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5. CONCLUSIONS 
 

Based on my thorough analysis of the structure of WTC 7 and the events 
of 9/11, I conclude that WTC 7 was appropriately designed and built in 
accordance with all applicable codes.  It was only the extraordinary events 
of September 11, 2001, not any of the various deficiencies alleged by the 
plaintiffs' experts, that caused the collapse of WTC 7 that day.  The 
plaintiffs' experts' conclusions to the contrary – which are unsupported by 
the evidence, based upon faulty premises, and analytically flawed – are 
unfounded.  
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1. INTRODUCTION 
Weidlinger Associates Inc (WAI) performed a thorough and comprehensive review of the 
structural contract documents, specifications, design calculation, shop drawings, 
PANYNJ review, major tenant buildouts and other documents associated with the design 
and construction of World Trade Center 7 (WTC 7) to establish the baseline structural 
system as it stood prior to September 11, 2001 and to develop the various structural 
models used in this report’s forensic analysis. This review, in addition to a series of 
independent analyses, was also used to assess the WTC 7’s compliance with the 
applicable building code. 

In what follows, Section 2 describes the main elements of the WTC 7 structural system, 
Section 3 summarizes the main documents, specifications and criteria used in the design 
of WTC 7 and finally Section 4 presents our analysis and assessment of WTC 7 
compliance with the structural provisions of the applicable building code. 

 

2. BUILDING DESCRIPTION 
WTC 7 was a 47-story steel frame building located just north of the WTC, on a city block 
bounded by Vesey Street to the south, Barclay Street to the north, Washington Street to 
the west, and West Broadway Street to the east. WTC 7 provided approximately 1.8 
million square feet of floor area. The building was designed in the early 1980s and 
constructed from 1985 to 1987, followed by various tenant alterations over the years 
before it collapsed in 2001. 

WTC 7 was built over a Con Edison electrical substation and a truck ramp located on the 
same city block. The 3-story substation was designed and built in the late 1960s with 
additional caissons located outside as well as within the substation footprint to 
accommodate a future office building (WTC 7). 

 

2.1. Structural System 
WTC 7 was a steel-framed structure that supported composite metal deck and reinforced 
concrete floor slabs. The ribbed (fluted) metal deck on a typical floor (floors 8 through 45) 
was 3” deep with 2½” reinforced concrete above, bringing the total thickness of the floor 
slab to 5½”. Table 1 lists the thickness of each floor slab in WTC 7. The typical floor 
framing (secondary beams) consisted of W24x55 steel shapes at the north and east 
sectors and W16x26 at the south and west sectors of the building. These beams were 
supported by the deeper, heavier girders located at the perimeters of the building and its 
core, along the east-west centerline of the core, and between the building perimeter and 
the core perimeter at the east and west ends of the core. The girders were supported by 
82 steel columns. The columns were numbered 1 through 14, 14A, and 15 through 81 as 
shown on the typical floor plan in Figure 1. Below the typical floors, the steel frame also 
included transfer elements (plate girders and trusses) between the 5th and the 7th floors. 
The locations of these transfer trusses and girders are shown on the 7th floor plan in 
Figure 2 and in the three dimensional view in Figure 3 with annotated column and floor 
numbers. 
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Table 1: Thickness of floor slabs (inches). 

Floor Numbers Depth of Metal 
Deck 

Depth of Top 
Concrete 

Thickness of 
Floor Slab 

Penthouse Roof 3 (20 gauge) 3.5 6.5 
8-47, Roof 3 (20 gauge) 2.5 5.5 
8-47, Roof  

(elevator core) 1.5 (20 gauge) 2.5 4 

7* 3 (18 gauge) 5 8 
5* 3 (18 gauge) 11 14 

3*, 4*, 6* 3 (20 gauge) 3 6 
2* 3 (18 gauge) 3 6 

2 (over truck ramp) 3 (18 gauge) 6 9 

*Certain areas of lower floors have concrete slab with no metal deck. 

 

The WTC 7 perimeter consisted of moment-resisting frames, typically having W36 girders 
and W14 columns, with belt trusses located between floors 5 and 7 and between floors 
22 and 24. From the 7th floor down to the ground, braced frames were located at the west 
and east building elevations, the perimeter of the building core, and inside the building 
core. Diagonal bracing elements in the belt trusses and braced frames were typically 
W14, 2C15, 2WT6 or 2WT4 shapes. In the foundation, the building’s steel frame was 
supported by steel W14 sections embedded in concrete caissons encased in steel plates 
that extended down into the bedrock. 

In the following two sections, the complete structural load path for WTC 7 is itemized in 
the same order the loads were transferred in the building. 
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Figure 1: Typical Floor Plan with Column Locations. 

 

1

14 14
A 15

57
42

28

58 59 60

61 62 63

64 65 66

67 68 69

70
73

76
79

71 72
75

78
81

80
77

74

16
27

29

41

43

2

44
56

26
25

24
23

22
21

20
19

18
17

45
46

48
49

50
51

52
53

54
55

3031323334353637383940

131211109876543

47

Weidlinger Associates Inc. 

October 15, 2010  A -3 



                                                       WTC 7 
Collapse analysis and assessment 

 
Figure 2: Floor 7 Plan with Locations of Transfer Elements. 
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Figure 3: Transfer Elements in WTC 7. 

 

2.2. Gravity (Vertical) Load Path 
The gravity loads, namely the dead and the live loads, were transferred from the building 
floors to the bedrock through the following structural components: 

1. Reinforced concrete floor slab on ribbed metal deck 
2. Steel floor beams (secondary beams) 
3. Steel floor girders (primary beams) 
4. Steel columns 
5. Column transfers (see Figure 2 and Figure 3 for locations): 

a. Steel plate girders: 
i. Eight cantilever, tapered girders at the 7th floor (named MG-27 by 

the Engineer of Record (EOR)) 
ii. Three non-cantilever girders at the 7th floor (named MG-21, MG-22, 

and MG-23 by the EOR) 
b. Steel trusses: 

i. Three vertical trusses between the 5th and the 7th floors (named 
Truss No. 1, 2, and 3 by the EOR) 

6. Foundation: 
a. Steel columns embedded in reinforced concrete basement walls 
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b. Reinforced concrete caisson caps and steel grillages (beams spanning 
multiple caisson tops) 

c. Caissons (Steel column core embedded in reinforced concrete encased in a 
steel plate shell) 

i. Plumb caissons 
ii. Battered caissons 

d. Caisson sockets in bedrock 

 

2.3. Lateral Load Path 
The lateral loads, namely the wind loads, are transferred from the building façade (on 
which the winds apply pressure) to the bedrock through the following structural 
components: 

1. Building envelope: Granite cladding and window panels 
2. Façade support: Light frame steel truss system 
3. Building perimeter moment frame: Steel wind girders and columns 
4. Building perimeter steel belt trusses: 

a. Between the 22nd and the 24th floors 
b. Between the 5th and the 7th floors 

5. Building perimeter steel braced frames at west and east elevations between 1st and 
5th floors, but essentially up to the 7th floor due to belt truss in item 4b 

6. Lateral load transfer from building perimeter to building core: 
a. 5th floor slab: Horizontal steel trusses (WT7 and WT6 shapes) embedded in 

14-inch thick reinforced concrete slab on ribbed metal deck 
b. 7th floor slab: 8-inch thick reinforced concrete slab on ribbed metal deck 

7. Building core steel braced frames – Four in the north-south and two in the east-west 
direction between the 1st and the 7th floors 

8. Foundation: 
a. 1st floor: Horizontal steel trusses in the core area and 14-inch thick 

reinforced concrete slab 
b. Steel braced frames embedded in reinforced concrete basement walls 
c. Reinforced concrete battered caisson caps and steel grillages (beams 

spanning multiple caisson tops) 
d. Battered caissons (Steel column core embedded in reinforced concrete 

encased in a steel plate shell) 
e. Caisson sockets in bedrock 

Items 1 through 5 are all components of the building perimeter and help transfer lateral 
loads from top down to the 7th floor. From the 7th floor down, the lateral loads are partially 
shed to the perimeter (items 3, 4b, and 5) and partially to the building core (items 6 and 
7) prior to reaching the foundation (item 8). 

 

2.4. Foundation 
The building site of WTC 7 contained caissons that were installed when the substation 
was first built in anticipation of a future office tower on the same site. Figure 4 illustrates 
caisson locations at the site. In addition to the existing caissons, new caissons were 
installed in the foundation for WTC 7 while some of the existing ones were strengthened 
by installing caps and grillages. Table 2 lists the existing and new caissons and grillages 
located inside and outside the substation. Caisson numbers in parentheses in Table 2 
are from the old numbering system for the existing caissons. Structural design drawings 
FS-3 and FS-5 provide caisson and grillage schedules, respectively. Table 2 shows that 
out of a total of 58 caissons, only 6 new caissons were placed within the footprint of the 
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substation during the construction of WTC 7. These were caisson numbers 1, 8, 45A, 
46A, 55A, and 57A. The existing caissons that were strengthened were all located 
outside the footprint of the substation. The EOR’s foundation design package was 
submitted to the Port Authority in 1982 and 1984. They were then reviewed and 
eventually accepted by the Port Authority. The review process is described in Section 
3.5. 

 

 

Figure 4: Foundation Plan with Footprints for WTC 7 Building, Substation, and 
Truck Ramp. (Reproduced from NIST Report NCSTAR 1-9 Vol 1). 

 

Table 2: Caissons. 

Caisson 
Number 

Grillage 
Number Battered Existing Strengthened New Within 

Substation 
Outside 

Substation 
1        
8        

12 12       
15        
16        

17A (S9)        
18A (S8)        
19A (S7)        
20 (S6)        

21A (S5)        
22A (S4)        
23A (S3)        
24A (S2)        

25A        
28 19       
32 32       
38 38       
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Caisson 
Number 

Grillage 
Number Battered Existing Strengthened New Within 

Substation 
Outside 

Substation 
42 18       

44A        
45A        
46A        

47A (N9)        
48A (N8)        
49A (N7)        
50A (N6)        
51A (N5)        
52A (N4)        
53A (N3)        
54A (N2)        

55A        
57A        

58A (W5)        
58B        
58C 
(W6)        

59A (W4)        
60 (W3) 1       

61A        
62 2       
63 3       

64 (501)        
65 (508, 

509) 4       

66 (516) 5       
67 (502)        
68 (507, 

510) 6       

69 (515) 7       
70 (503)        
71 (506, 

511) 8       

72 (514) 9       
73 (504)        
74, 74A 
(512) 10       

75 (513) 11       
78A        
79 15       
80 16       
81        
82        

(E3)        
(E4)        
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3. REVIEW OF DOCUMENTS 

3.1. Codes and Specifications Governing the Design and 
Construction of WTC 7 

WTC 7’s design and construction was governed by the regulations of the City of New 
York and the Port Authority of New York and New Jersey (PANYNJ). As such, the 
following documents governed the design of the structural system of the building: 

1. Building Code of the City of New York, 1968, with Amendments to January 1, 1985, 
and NYC Rules and Regulations of the Department of Buildings 

2. Tenant Construction Review Manual, March 1984 
3. Project Specifications, 1984, with Addendums (CANTOR0005363-5448, 

CANTOR0006190-6486) 
4. Specification for the Design, Fabrication and Erection of Structural Steel for 

Buildings, American Institute of Steel Construction (AISC), 1978, published as part of 
the 1980 AISC Manual of Steel Construction (referenced on structural plan S-20) 

5. Building Code Requirements for Reinforced Concrete, American Concrete Institute 
(ACI), ACI 318-83 (referenced on structural plans FS-6 and S-20) 

6. Specification for the Design of Cold Formed Steel Structural Members, American Iron 
and Steel Institute (AISI), 1980 (referenced on structural plan S-20) 

 

3.2. Structural Engineering Work 
More than 46,000 pages of documents produced by the EOR were made available to us. 
They show the EOR’s structural work, including calculations, computations, analyses, 
plans, reports, meeting minutes, and correspondence during the design and construction 
of WTC 7. These documents were supplemented by those produced by other parties, 
most notably the PANYNJ. Together, these documents and plans amounted to hundreds 
of thousands of pages and allowed us to evaluate the general design approach for the 
structure, the design suitability of relevant structural components, and how the design 
was implemented in the construction of these components. Appendix E provides a list of 
Bates numbers for these documents. WAI reviewed the EOR’s structural engineering 
design work, including but not limited to: 

• Typical floor computations 
• Computer floor computations 
• Floor 1 calculations 
• Floor 2 calculations 
• Floor 3 calculations 
• Floor 4 calculations 
• Floor 5 calculations 
• Floor 6 calculations 
• Floor 7 calculations 
• Floor 46 calculations 
• Floor 47 calculations 
• Roof calculations 
• Transfer trusses and girders 
• Columns 
• Core framing computations 
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• Interior wind-girders 
• Core columns 
• Bracings 
• Salomon Brothers base building modifications 
• Foundation design 
• Mueser Rutledge Johnson DeSimone calculations for foundation 
• Wind tunnel study 
• Wind analysis 
• Curtain walls 
• Test reports and inspection reports 
• PANYNJ review comments and responses 
• Plans, sketches, and shop drawings 
• Miscellaneous correspondence and meeting minutes 

 

3.3. Drawings 
A large number of design drawings (or plans) were produced by various members of the 
design team. WAI reviewed the following plans, including but not limited to: the structural 
plans S-1 through S-28 and FS-1 through FS-8 for WTC 7 base building produced by the 
Office of Irwin G. Cantor; the architectural plans 1 through 66 and PA-0 for WTC 7 base 
building produced by Emery Roth & Sons; the mechanical plans H-1 through H-26; the 
electrical plans E-1 through E-35 and the plumbing plans P-1 through P-22 produced by 
Syska and Hennessy; the structural plans S-1 through S-36 and DS-1 through DS-3 for 
Salomon Brothers Inc (SBI); S-1 through S-6 and S-101 for Salomon Smith Barney 
(SSB), S-1 through S-5 for Mayor’s Office of Emergency Management (OEM); and S-1 
for American Express alterations to the base building; the erection plans E1 through E50 
and E117 through E123 produced by Frankel Steel; thousands of shop and field work 
drawings produced by Frankel Steel, Steel Structures Inc, Nicholas J Bouras and Mac 
Fab; the architectural plans 100 through 111 for the substation; and the structural plans 
200 through 210 for the substation (which did not include substation’s structural elevation 
or column schedule plans).  

 

3.4. Structural Loads 
This section summarizes the loads (or forces) for which WTC 7 was designed. The loads 
were determined based on the governing design documents listed in Section 3.1. 
Structural design loads for WTC 7 are as follows: 

• Dead Load 
Dead loads are produced by the weight of the permanent components of the 
building such as floor slabs, floor framing, columns, fireproofing, partitions, floor 
and ceiling finishes, ductwork, roofing, exterior granite cladding and windows, 
etc. The unit weights of these materials and assemblies are provided by their 
manufacturers and the NYC Building Code. Table 3 tabulates the dead loads for 
each floor and is reproduced from the structural design plan S-24. Other 
miscellaneous dead loads resulting from weight of equipment, bulkhead, parapet, 
curtain wall, etc. that are not listed in Table 3 are provided in structural plans and 
loading tables among the structural calculations (CANTOR0003519-3762) that 
the EOR submitted to the PANYNJ. 
 

Weidlinger Associates Inc. 

October 15, 2010  A -10 



                                                       WTC 7 
Collapse analysis and assessment 

Table 3: Dead and Live Loads at Each Floor (Reproduced from S-24). 

 
 

• Live Load 
Live loads are produced by movable objects in the building such as people, 
furniture, and other contents depending on building occupancy and function. Live 
loads also include the snow load on the roof. The NYC Building Code provides 
the design live loads based on building use and occupancy. Accordingly, design 
live load is 50 psf for office areas and 30 psf for the roof. Live loads larger than 
50 psf were assigned for elevator lobbies, machine rooms, and other floor areas 
in the building. Table 3 tabulates the live loads along with the dead loads for 
each floor and is reproduced from the structural design plan S-24. Other 
miscellaneous live loads that are not mentioned in Table 3 are provided in 
loading tables among the structural calculations that the EOR submitted to 
PANYNJ (CANTOR0003519-3762). Live load of 60 psf was assigned for roof 
snow drifts against the penthouse walls to be supported by the interior columns. 
 

o Reduced Live Load 
Live load is reduced based on square footage of floor area because 
large floor areas are unlikely to be entirely loaded by the full design live 
load. NYC building code provides the factors for live load reduction, 
which are dependent on the ratio of live load to dead load. On a typical 
floor, live load to dead load ratio is 50/75 = 0.67. This ratio was 
conservatively taken as 0.70 by the EOR as shown on 
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CANTOR0004197. Accordingly, the live load is multiplied by the 
percentages shown in Table 4 which also lists the resulting reduced 
values. 
 

Table 4: Reduced Live Loads. 
Contributory Area 

(square feet) Percentage of Live Load Reduced Live Load (psf) 

149 or less 100 50 
150-299 81 41 
300-449 62 31 
450-599 52 26 

600 or more 43 22 
 

In Table 4, the contributory area is the loaded floor area supported by an 
individual column, girder, or beam as described in Article C26-903.3 of 
the NYC building code: 
 
1. For a column, the contributory area is the cumulative area of all 

floors supported by the column. Except for the top few floors, 
columns at most floors support a loaded area of more than 600 
square feet and therefore they are designed to support a reduced 
live load of 22 psf. 
 

2. For a girder framing into a column, the contributory area is the 
loaded floor area directly supported by the girder.  
 

3. For multiple beams framing into a girder, the contributory area for a 
beam is twice the loaded floor area directly supported by the beam 
but not more than the area of the panel in which the framing occurs. 

 
The EOR’s design calculations indicate that the contributory area for 
beams was taken as the loaded area supported by the beams without 
multiplying it by two. Hence, the EOR performed a conservative design 
of the composite floor beams by using a live load larger than required for 
design, as shown in “Typical Floor Computations” on CANTOR0004195-
4417. For instance, 30-ft long beams with a spacing of 9 feet (typical 
spacing in WTC 7) support a loaded area of 270 square feet each and 
were designed for a reduced live load of 41 psf based on Table 4. 
However, design based on item 3 listed above from Article C26-903.3 of 
the NYC Building Code would have effectively resulted in a reduced live 
load of 26 psf. As a result, a 30-ft long beam ended up being designed 
conservatively to support a live load 58% larger than the code minimum. 
 
The EOR also designed many of the floor beams conservatively by 
considering the full live load because the EOR had specified minimum 
section sizes for certain span lengths. For instance, W24 steel sections 
were specified as a minimum for beam spans longer than 50 feet 
(CANTOR0004220). The lightest W24 section available in the 1980 AISC 
Manual of Steel Construction was W24x55. This size was assigned to 
many of the beams in the north and east sides of a typical floor even 
when, for instance, a W21x50 section could have been used instead to 
satisfy design requirements. W24x55 beams were designed compositely 
and were shown to support the full live load by the EOR. Therefore, the 
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effect of live load reduction did not even need to be investigated by the 
EOR. As a result, these beams ended up being designed conservatively 
to support a live load of 50 psf instead of 22 psf, i.e. 127% larger than 
the code minimum. 
 
Consequently, the girders and connections that support these beams 
were also designed conservatively for the same floor live loads that were 
used in the beam design with no reduction. 
 
The use of unreduced live load for floor framing further compounds the 
conservatism in design because a load factor of 0.67 would apply for the 
combination of dead, unreduced live, and wind loads based on NYC 
building code article C26-1001.4 instead of the 0.75 factor for the same 
combination with reduced live load, and therefore result in a smaller load 
demand on the structure.  
 

• Wind Load 
Design wind loads are computed based on wind pressure values on structural 
framing presented by the NYC building code, as well as the results of wind tunnel 
testing at the University of Western Ontario (UWO). Note that the NYC building 
code permits the use of wind pressures obtained from model tests in the wind 
tunnel instead of the values presented in the code. However, the EOR 
conservatively designed the structure and its foundations for the largest of the 
loads from the building code and the wind tunnel tests.  
 

o NYC Building Code 
Design wind pressures on structural framing across the height of the 
building are tabulated in Table 5 per the NYC building code. The wind 
pressure is uniform in each of the height ranges in Table 5. 
 

Table 5: Design Wind Pressures from NYC Building Code. 
Building Height (feet) Wind Pressure (psf) 

0-100 20 
101-300 25 
301-600 30 
601-620 35 

 
o UWO Wind Tunnel Tests 

Design wind pressures on structural framing across the height of the 
building are tabulated in Table 6 and Table 7 for winds flowing in the 
north-south and east-west directions, respectively, per the UWO wind 
tunnel tests. Unlike the code-provided values, the wind pressure is not 
uniform in a given range of height but it increases uniformly above 120 
feet. 
 

Table 6: Design Wind Pressures from Wind Tunnel Tests (N-S Direction). 
Building Height (feet) Wind Pressure (psf) 

0-120 7.0 
200 12.4 
300 19.2 
400 26.0 
500 32.8 
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Building Height (feet) Wind Pressure (psf) 
600 39.6 
620 41.0 

 
Table 7: Design Wind Pressures from Wind Tunnel Tests (E-W Direction). 

Building Height (feet) Wind Pressure (psf) 
0-120 7.0 
200 16.4 
300 28.2 
400 40.0 
500 51.8 
600 63.6 
620 66.0 

 
In the north-south direction, the NYC wind pressures are larger than the UWO 
wind pressures at heights less than 460 feet. Over 460 feet, the UWO pressures 
are slightly larger. The overall wind loading on the building, base shears, and 
overturning moments are larger when the NYC wind pressure profile is used. 
Therefore, the EOR performed wind design based on the NYC wind pressures in 
the north-south direction, even though the building code allowed the use of the 
less conservative UWO wind pressures. 
 
In the east-west direction, the UWO wind pressures are much larger than the 
NYC wind pressures at heights over 270 feet. The overall wind loading on the 
building, base shears, and overturning moments are larger when the UWO wind 
pressure profile is used. Therefore, the EOR performed wind design based on 
the UWO wind pressures in the east-west direction which were larger and more 
conservative than the NYC building code requirements. 
 

• Progressive Collapse 
The progressive collapse provisions of 1 RCNY §18-01 of the Rules of the City of 
New York (issued by the NYC Department of Buildings) did not apply to WTC 7. 
The rule, as adopted, applied to buildings connected by joints that relied on 
friction due to gravity to transfer loads. It was adopted by NYC in 1973 in 
response to the 1968 collapse in Ronan Point in Great Britain, of a precast 
concrete wall panel building, where the panels relied on friction for transfer of 
loads. Subsequent to the adoption of the progressive collapse provision, the NYC 
Department of Buildings issued a memorandum in 1973 clarifying that the rule 
applied only to precast concrete construction where joint forces are transferred 
by friction [NIST Report NCSTAR 1-1]. The rule did not apply to reinforced cast-
in-place concrete construction or structural steel construction with bolted or 
welded connections, which WTC 7 was. 
 

• Abnormal Loads 
The WTC 7 design considers abnormal loads resulting from specific events in 
certain parts of the building.  
 

o Blast load from transformer explosion at 5th floor:  
Transformers were placed inside a vault constructed on the 5th floor 
during tenant alterations for Salomon Brothers Inc. In addition to 
structural strengthening of the 5th floor framing to support the weight of 
the vault and the transformers, the design of the 6th floor composite 
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beams and slab was checked for a 600 psf blast force acting upward 
over 20 feet of span due to transformer explosion. Associated structural 
calculations are found in CANTOR0007178, CANTOR0017099-17108, 
CANTOR0019422-19429. 
 

o Vehicular impact load on building columns located in the truck ramp: The 
EOR encased structural steel columns 42, 44A, 79, 80, and 81 in 
concrete and steel jackets to enhance their resistance to car impacts at 
the truck ramp. He also provided a continuous concrete crash barrier 
along the length of the truck ramp to further protect the columns. 
 
The steel plate cladding (jacket) for columns 42, 44A, 79, 80, and 81 is 
shown on shop drawings KL65, 65, 66, and 67 prepared by Building 
Specialties Corporation and dated 9/15/87. The shop drawings show the 
steel plates connected to the cast-in-place concrete around the steel 
columns by steel studs welded to the plates and anchored into the 
concrete. The steel plates are ¼” thick and are beefed up with additional 
⅜” thick steel angles bolted at the 4 corners of each column. The steel 
studs are ½” thick with lengths varying between 4 and 6 inches for 
different columns. The studs are located at the 4 corners and 4 mid-
points around the columns. The total size of the column cross-sections 
ended up 36” square for columns 79, 80, and 81, and 40” for columns 42 
and 44A. The concrete encasement and steel jacketing continued along 
the entire height of the first story in the truck ramp. An anchored 
continuous Jersey Bumper type precast crash barrier was provided along 
the columns in the truck ramp (CANTOR2002845).The architectural 
plans 6, 49, 50, and 51 also show the locations and details of these 
measures. 
 

3.5. Review Process  

Port Authority Review and Approval 
Available documents indicate that the Port Authority of New York and New Jersey 
(PANYNJ) was involved at every stage of the design and construction of WTC 7. The 
PANYNJ collected all the structural plans and their revisions, as well as structural 
calculations and analyses. The PANYNJ reviewed these documents, requested further 
information when necessary, and sometimes asked for design changes to be made. The 
Port Authority approval of these documents was contingent upon the EOR satisfactorily 
responding to the review items. 

The PANYNJ review and approval process for structural work encompassed the design 
and construction of structural components for both the foundation and the superstructure 
of WTC 7. WAI reviewed the available documents associated with this process, including 
but not limited to the Bates numbers provided in Appendix E. 

Table 8 and Table 9 list the revision numbers, descriptions, dates, and Port Authority 
submission numbers for each of the structural plans for the base building. In these tables, 
submissions dated prior to 1983 belong to the Port Authority application number W-
01000, and those after 1983 are for the Port Authority application W-01437. In a similar 
fashion, Table 10 through Table 14 list the revision numbers, descriptions, dates, and 
Port Authority submission numbers for each of the structural plans for the tenant 
alterations subsequent to the base building construction. In Table 10 and Table 11 for the 
SBI alterations, submissions are for the Port Authority application number W-7003 for the 
structural demolition plans and application W-7004 for the rest of the structural plans.   
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Table 8: Revisions of Structural Plans (S-1 through S-17) for WTC 7 Base Building. 

Rev. 
Date 

Rev. 
No. 

Revision  
Description 

P.A. 
Sub 
No. 

S1 S2 S3 S4 S5 S 
5A S6 S7 S8 

S8
-

10 

S8
- 

19 

S8
- 

20 
S9 S 

10 
S 
11 

S 
12 

S 
13 

S 
14 

S 
15 

S 
16 

S 
17 

11/25/81   Issued for Information Only                                            
11/25/81   Issued for Caissons Locations 

Only                                             
12/09/81   Issued for Con Ed's Review                                             
12/29/81   Issued for Port Authority 

Review 7                                           
12/29/81   Issued for Information Only 7                                          
02/05/82   Issued for Port Authority 

Review 9                                           
02/09/84   Issued for Foundation 

Construction 1                                           
04/03/84 1 Revised as per Port Authority 

Comments 2                                           
04/03/84 1 Revised Coordinates as 

Circled 2                                           
05/21/84 2 Revisions as Circled                                             
05/21/84 2 Issued for Port Authority 

Record                                             
06/04/84 3 Revised as Noted & Issued to 

Port Authority 6                                           
07/07/84 4 Issued for Foundation Steel Bid 

Only                                           
08/07/84 5 Issued for Foundation Steel 

Construction Only 
10, 
15                                         

10/18/84   Released for Concrete Bid 
Only                                             

11/07/84   For Foundation Steel Only                                             
11/30/84 A Released to Frankel Steel                                         
12/05/84   For Coordination Check Only                                            
12/10/84 A Released to Architect                                        
12/24/84 B Released for Information                                        
12/24/84 B Released to Frankel Steel                                            
12/24/84 B Released for Slab 

Reinforcement                                           
12/24/84 B Added Girder Forces                                             
01/10/85 A Released to Architect up to 

20th Floor                                        
01/15/85   Issued to Port Authority 18                      
01/23/85 C Released to Frankel Steel                                          
01/28/85 C Released to Frankel Steel                                            
01/31/85 C Added Forces as Circled                                             
02/01/85 C Revised as Noted                                         
02/06/85 D Revised as Circled                                            
02/08/85 B Released to Frankel Steel up 

to 14th Floor Only                                         
02/15/85 B, C Released to Frankel Steel up 

to 20th Floor Only                                       
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Rev. 
Date 

Rev. 
No. 

Revision  
Description 

P.A. 
Sub 
No. 

S1 S2 S3 S4 S5 S 
5A S6 S7 S8 

S8
-

10 

S8
- 

19 

S8
- 

20 
S9 S 

10 
S 
11 

S 
12 

S 
13 

S 
14 

S 
15 

S 
16 

S 
17 

02/15/85 C, D Revised as Noted                                           
02/19/85 D Revised as Circled                                             
02/19/85   Release to Architect for Co-

ordination                                            
02/21/85 C Released to Frankel Steel for 

Columns 8th to 23rd Floor                                             
03/01/85 C Released to Frankel Steel for 

Columns 8th to 23rd Floor                                            
03/01/85 D Released to Frankel Steel 24th 

to 45th Floors w/o Core Area                                         
03/01/85 A, C Released to Frankel Steel                                           
03/08/85 C Released to Frankel Steel                                            
03/08/85 A Added Information & Released 

to Frankel to Roof                                            
03/08/85 B, E Revised as Noted                                        
03/08/85 E Revised as Circled                                           
03/08/85 C, E Added Information as Noted                                             
03/29/85   Issued for Architect's Review                                           
04/08/85   Revised Fuel Oil Tank Support 30                                           
04/09/85   Issued for Architect's Review                                            
04/11/85   Issued for Architect's Review                                            
04/11/85   Released to Frankel Steel                                            
04/17/85   Issued to Frankel Steel                                            
04/26/85   Released to Frankel Steel                                            
04/30/85 A, B Revised and Added 

Information as Circled                                          
05/06/85 D Added Info as Circled                                             
05/10/85 A, B, C, 

D, E, F,6 Issued to Port Authority 31, 
41                      

06/27/85 B Issued to Frankel Steel 41                                           
07/08/85 D, E, F, 

G Revised as Circled 41                              
07/23/85 C, D, E, 

7 Revised as Circled 41                                          
08/02/85 B, C, D, 

F, G, 2 Issued to Port Authority 33, 
41                                         

08/05/85 C, D, E, 
F, H Revised as Circled 41                                 

09/09/85 B, C Revised as Circled                                          
09/17/85 B Revised as Circled                                            
09/30/85 C Emery Roth & Sons Revised 

as Noted                                           
10/08/85 C, D, E, 

F, H, I Revised as Circled 41                                     
10/14/85 I 

Revised as Noted (Issued for 
Additional Stud Requirement 

Only) 
                                           

04/18/86 D Issued to Port Authority                                            
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Rev. 
Date 

Rev. 
No. 

Revision  
Description 

P.A. 
Sub 
No. 

S1 S2 S3 S4 S5 S 
5A S6 S7 S8 

S8
-

10 

S8
- 

19 

S8
- 

20 
S9 S 

10 
S 
11 

S 
12 

S 
13 

S 
14 

S 
15 

S 
16 

S 
17 

07/31/86 D Revised as Circled 41                                          
10/17/86 I, 9 Issued to Port Authority                                            
11/25/86 I Revised Framing for New 

Escalator                                            
11/25/86 I Revised Framing for New 

Elevator                                            
11/25/86 I Revised Part Plan at 45th Floor 

for New Elevator                                            
11/25/86 I Added Section Mark at Col 73. 

Added New Slab at Col 62.                                            
11/25/86 I Revised as Circled                                         
11/25/86   Issued for Pricing Only 

Uncoordinated                                     
02/06/87 F, G Revised as Circled                                          
03/11/87 G, H Revised as Circled                                          
03/30/87 H, J Revised as Circled                                           
04/21/87 K, 2, G Revised as Circled                                          
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Table 9: Revisions of Structural Plans (S-17A through S-28, FS-1 through FS-8) for WTC 7 Base Building. 

Rev. 
Date 

Rev. 
No. 

Revision 
Description 

P.A. 
Sub 
No. 

S 
17
A 

S 
18 

S 
19 

S 
20 

S 
21 

S 
22 

S 
23 

S 
24 

S 
24
A 

S 
25 

S 
26 

S 
27 

S 
28 

FS
1 

FS
2 

FS
3 

FS
4 

FS
5 

FS
6 

FS
7 

FS
8 

11/25/81   Issued for Information Only                       
11/25/81   Issued for Caissons Locations 

Only                        
12/09/81   Issued for Con Ed's Review                        
12/29/81   Issued for Port Authority 

Review 7                      
12/29/81   Issued for Information Only 7                      
02/05/82   Issued for Port Authority 

Review 9                      
02/09/84   Issued for Foundation 

Construction 1                      
04/03/84 1 Revised as per Port Authority 

Comments 2                      
04/03/84 1 Revised Coordinates as 

Circled 2                      
05/21/84 2 Revisions as Circled                        
05/21/84 2 Issued for Port Authority 

Record                        
06/04/84 3 Revised as Noted & Issued to 

Port Authority 6                      
07/07/84 4 Issued for Foundation Steel Bid 

Only                        
08/07/84 5 Issued for Foundation Steel 

Construction Only 
10, 
15                      

10/18/84   Released for Concrete Bid 
Only                        

11/07/84   For Foundation Steel Only                        
11/30/84 A Released to Frankel Steel                        
12/05/84   For Coordination Check Only                        
12/10/84 A Released to Architect                        
12/24/84 B Released for Information                        
12/24/84 B Released to Frankel Steel                        
12/24/84 B Released for Slab 

Reinforcement                        
12/24/84 B Added Girder Forces                        
01/10/85 A Released to Architect up to 

20th Floor                        
01/15/85   Issued to Port Authority 18                      
01/23/85 C Released to Frankel Steel                        
01/28/85 C Released to Frankel Steel                        
01/31/85 C Added Forces as Circled                        
02/01/85 C Revised as Noted                        
02/06/85 D Revised as Circled                        
02/08/85 B Released to Frankel Steel up 

to 14th Floor Only                        
02/15/85 B, C Released to Frankel Steel up 

to 20th Floor Only                        
02/15/85 C, D Revised as Noted                        
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Rev. 
Date 

Rev. 
No. 

Revision 
Description 

P.A. 
Sub 
No. 

S 
17
A 

S 
18 

S 
19 

S 
20 

S 
21 

S 
22 

S 
23 

S 
24 

S 
24
A 

S 
25 

S 
26 

S 
27 

S 
28 

FS
1 

FS
2 

FS
3 

FS
4 

FS
5 

FS
6 

FS
7 

FS
8 

02/19/85 D Revised as Circled                        
02/19/85   Release to Architect for Co-

ordination                        
02/21/85 C Released to Frankel Steel for 

Columns 8th to 23rd Floor                        
03/01/85 C Released to Frankel Steel for 

Columns 8th to 23rd Floor                        
03/01/85 D Released to Frankel Steel 24th 

to 45th Floors w/o Core Area                        
03/01/85 A, C Released to Frankel Steel                        
03/08/85 C Released to Frankel Steel                        
03/08/85 A Added Information & Released 

to Frankel to Roof                        
03/08/85 B, E Revised as Noted                        
03/08/85 E Revised as Circled                        
03/08/85 C, E Added Information as Noted                        
03/29/85   Issued for Architect's Review                        
04/08/85   Revised Fuel Oil Tank Support 30                      
04/09/85   Issued for Architect's Review                        
04/11/85   Issued for Architect's Review                        
04/11/85   Released to Frankel Steel                        
04/17/85   Issued to Frankel Steel                        
04/26/85   Released to Frankel Steel                        
04/30/85 A, B Revised and Added 

Information as Circled                        
05/06/85 D Added Info as Circled                        
05/10/85 A, B, C, 

D, E, F,6 Issued to Port Authority 31, 
41                      

06/27/85 B Issued to Frankel Steel 41                      
07/08/85 D, E, F, 

G Revised as Circled 41                      
07/23/85 C, D, E, 

7 Revised as Circled 41                      
08/02/85 B, C, D, 

F, G, 2 Issued to Port Authority 33, 
41                      

08/05/85 C, D, E, 
F, H Revised as Circled 41                      

09/09/85 B, C Revised as Circled                        
09/17/85 B Revised as Circled                        
09/30/85 C Emery Roth & Sons Revised 

as Noted                        
10/08/85 C, D, E, 

F, H, I Revised as Circled 41                      

10/14/85 I 
Revised as Noted (Issued for 
Additional Stud Requirement 

Only) 
                       

04/18/86 D Issued to Port Authority                        
07/31/86 D Revised as Circled 41                      
10/17/86 I, 9 Issued to Port Authority                        
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Rev. 
Date 

Rev. 
No. 

Revision 
Description 

P.A. 
Sub 
No. 

S 
17
A 

S 
18 

S 
19 

S 
20 

S 
21 

S 
22 

S 
23 

S 
24 

S 
24
A 

S 
25 

S 
26 

S 
27 

S 
28 

FS
1 

FS
2 

FS
3 

FS
4 

FS
5 

FS
6 

FS
7 

FS
8 

11/25/86 I Revised Framing for New 
Escalator                        

11/25/86 I Revised Framing for New 
Elevator                        

11/25/86 I Revised Part Plan at 45th Floor 
for New Elevator                        

11/25/86 I Added Section Mark at Col 73. 
Added New Slab at Col 62.                        

11/25/86 I Revised as Circled                        
11/25/86   Issued for Pricing Only 

Uncoordinated                        
02/06/87 F, G Revised as Circled                        
03/11/87 G, H Revised as Circled                        
03/30/87 H, J Revised as Circled                        
04/21/87 K, 2, G Revised as Circled                        
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Table 10: Revisions of Structural Plans (S-1 through S-20) for SBI Tenant Alterations. 

Rev. 
Date 

Rev. 
No. 

Revision 
Description 

P.A. 
Sub 
No. 

S1 S2 S3 S4 S5 S6 S7 S8 S9 S 
10 

S 
11 

S 
12 

S 
13 

S 
14 

S 
15 

S 
16 

S 
17 

S 
18 

S 
19 

S 
20 

09/15/88   1                     
10/17/88  

Submitted to PA for Approval of Base 
Building Modifications 2                     

10/31/88  
Issued to PA for Approval of Base 

Building Modifications 3                     
11/07/88 1 Revision to 10/31/88 Submission 3                     
11/21/88 2 Revision to 11/7/88 Submission 5                     
12/19/88 1, 2, 3 Revised as Circled for Shuttle 

Elevation 6                     
12/19/88 1 Submitted to PA for Approval of Base 

Building Modifications 6                     
12/22/89  Submitted to PA 6                     
12/22/88 1, 2, 3, 

4 Revised as Circled 6                     
12/27/88 2 Revised as Circled                      
01/03/89 2, 3 Issued for Construction                      
01/06/89  Issued for Construction                      
01/20/89 1, 2, 3, 

4, 5 Revised as Circled 7                     
03/01/89 1, 2, 3, 

4, 5, 6 Revised as Circled 8                     
04/01/89  Issued to Con Edison for Approval                      
04/04/89  Issued to Con Edison for Approval                      
04/06/89 2, 3, 4, 

5, 6, 7 Revised as Circled                      
05/22/89 1, 3, 4, 

5,6,7,8 Revised as Circled 12, 
15                     

05/26/89 7 Revised as Circled 14                     
06/09/89 3 Revised as Circled                      
06/12/89 6, 7, 9 Revised as Circled                      
08/10/89 4, 6, 7, 

8 Issued for Field Sketch                      
08/15/89 2,5,6,7,

8,9,10 Revised as Circled 17                     
08/24/89 9 Issued for Field Sketch                      
10/09/89 7, 9 Revised as Circled                      
10/10/89 9, 10 Revised as Circled                      
11/22/89 9 Issued Bulletin No 12                      
11/30/89 9, 11 Bulletin No 15                      
12/08/89 10 Issued Bulletin No                      
01/26/90 7, 8, 9, 

10, 11 Issued for Bulletin No 45                      
02/12/90 11 Issued for Bulletin No 58                      
02/23/90 8, 10 Issued for Bulletin No 65                      
03/30/90 3, 10 Revised as Circled                      
04/24/90 12 Issued for Bulletin No 79                      
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Rev. 
Date 

Rev. 
No. 

Revision 
Description 

P.A. 
Sub 
No. 

S1 S2 S3 S4 S5 S6 S7 S8 S9 S 
10 

S 
11 

S 
12 

S 
13 

S 
14 

S 
15 

S 
16 

S 
17 

S 
18 

S 
19 

S 
20 

04/30/90 9 Coord for Floors 46 & 47                      
05/10/90 12 Issued for Bulletin No 84                      
06/07/90 9, 12 Issued for Bulletin No 94                      
07/03/90 7, 10, 

11 Issued for Bulletin No 103                      
08/17/90 10, 12, 

13 Issued for Bulletin No 116                      
09/18/90 9 Issued for Bulletin No 120                      
05/21/93 3, 8 Issued for Tenant Alteration                      
06/02/93 4, 9 Issued for Addendum No 1                      
10/04/93 5, 10 Chilled Water Line Relocation                      
11/05/93 6 Issued for Port Authority Review                      
04/06/94 7 Revised as Circled                      
05/25/94 8, 10 Response to PA Comments / Revised 

as Circled                      
07/22/94 11 Response to PA Comments / Revised 

as Noted                      
08/23/94 11 Issued for Tenant Alteration                      
06/09/95  As Built - Ref. Issue 11-5-93                      
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Table 11: Revisions of Structural Plans (S-21 through S-36, DS-1 through DS-3) for SBI Tenant Alterations. 

Rev. 
Date 

Rev. 
No. 

Revision 
Description 

P.A. 
Sub 
No. 

S 
21 

S 
22 

S 
23 

S 
24 

S 
25 

S 
26 

S 
27 

S 
28 

S 
29 

S 
30 

S 
31 

S 
32 

S 
33 

S 
34 

S 
35 

S 
36 

DS 
1 

DS
2 

DS
3 

09/15/88   1                    
10/17/88  

Submitted to PA for Approval of Base 
Building Modifications 2                    

10/31/88  
Issued to PA for Approval of Base 

Building Modifications 3                    
11/07/88 1 Revision to 10/31/88 Submission 3                    
11/21/88 2 Revision to 11/7/88 Submission 5                    
12/19/88 1, 2, 3 Revised as Circled for Shuttle Elevation 6                    
12/19/88 1 Submitted to PA for Approval of Base 

Building Modifications 6                    
12/22/89  Submitted to PA 6                    
12/22/88 1, 2, 3, 

4 Revised as Circled 6                    
12/27/88 2 Revised as Circled                     
01/03/89 2, 3 Issued for Construction                     
01/06/89  Issued for Construction                     
01/20/89 1, 2, 3, 

4, 5 Revised as Circled 7                    
03/01/89 1, 2, 3, 

4, 5, 6 Revised as Circled 8                    
04/01/89  Issued to Con Edison for Approval                     
04/04/89  Issued to Con Edison for Approval                     
04/06/89 2, 3, 4, 

5, 6, 7 Revised as Circled                     
05/22/89 1, 3, 4, 

5,6,7,8 Revised as Circled 12, 15                    
05/26/89 7 Revised as Circled 14                    
06/09/89 3 Revised as Circled                     
06/12/89 6, 7, 9 Revised as Circled                     
08/10/89 4, 6, 7, 

8 Issued for Field Sketch                     
08/15/89 2,5,6,7

,8,9,10 Revised as Circled 17                    
08/24/89 9 Issued for Field Sketch                     
10/09/89 7, 9 Revised as Circled                     
10/10/89 9, 10 Revised as Circled                     
11/22/89 9 Issued Bulletin No 12                     
11/30/89 9, 11 Bulletin No 15                     
12/08/89 10 Issued Bulletin No                     
01/26/90 7, 8, 9, 

10, 11 Issued for Bulletin No 45                     
02/12/90 11 Issued for Bulletin No 58                     
02/23/90 8, 10 Issued for Bulletin No 65                     
03/30/90 3, 10 Revised as Circled                     
04/24/90 12 Issued for Bulletin No 79                     
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Rev. 
Date 

Rev. 
No. 

Revision 
Description 

P.A. 
Sub 
No. 

S 
21 

S 
22 

S 
23 

S 
24 

S 
25 

S 
26 

S 
27 

S 
28 

S 
29 

S 
30 

S 
31 

S 
32 

S 
33 

S 
34 

S 
35 

S 
36 

DS 
1 

DS
2 

DS
3 

04/30/90 9 Coord for Floors 46 & 47                     
05/10/90 12 Issued for Bulletin No 84                     
06/07/90 9, 12 Issued for Bulletin No 94                     
07/03/90 7, 10, 

11 Issued for Bulletin No 103                     
08/17/90 10, 12, 

13 Issued for Bulletin No 116                     
09/18/90 9 Issued for Bulletin No 120                     
05/21/93 3, 8 Issued for Tenant Alteration                     
06/02/93 4, 9 Issued for Addendum No 1                     
10/04/93 5, 10 Chilled Water Line Relocation                     
11/05/93 6 Issued for Port Authority Review                     
04/06/94 7 Revised as Circled                     
05/25/94 8, 10 Response to PA Comments / Revised 

as Circled                     
07/22/94 11 Response to PA Comments / Revised 

as Noted                     
08/23/94 11 Issued for Tenant Alteration                     
06/09/95  As Built - Ref. Issue 11-5-93                     
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Table 12: Revisions of Structural Plans (S-1 through S-6, and S-101) for SSB Tenant Alterations. 
Revision 

Date 
Revision 
Number Revision Description Port Authority  

Submission No. S-1 S-2 S-3 S-4 S-5 S-6 S-101 

01/19/99  Issued for Landlord Review         
02/25/99 1 Revised Plans as per Landlord Comments dated 2/4/99         
03/24/99 2 Revised Plans as per Landlord Comments dated 3/12/99         
03/25/99  Issued for Port Authority Review         
03/25/99 3 Revised as Noted         
06/02/99 4 Issued for PA Review         
08/30/99 4 Revised as Noted         
09/16/99 5 Revised as Noted         
09/23/99  Issued for Engineer Coordination         
10/06/99 1, 5, 6 Revised as Noted         
10/21/99 6 Revised as per CSG Sketch Dated 10-21-99         
10/21/99 2, 7 Revised as Noted         
12/08/99  Added Section 10         
12/08/99 8 Revised as Noted         
03/22/00  Added Openings as Requested         

 

Table 13: Revisions of Structural Plans (S-1 through S-5) for Mayor’s OEM Tenant Alterations. 
Revision 

Date 
Revision 
Number Revision Description Port Authority 

Submission No. S-1 S-2 S-3 S-4 S-5 

04/01/98  Issued for Review 100% CD       
05/04/98  Issued for 100% CD       
05/13/98  Issued for P.A. Review       07/24/98 1 Bulletin #1       09/25/98  Issue for P.A. Approval       

 

Table 14: Revisions of Structural Plan (S-1) for American Express Tenant Alterations. 
Revision 

Date 
Revision 
Number Revision Description Port Authority 

Submission No. S-1 

08/26/99     
01/05/00 1 Revised as Circled   
04/11/00     
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Information Contained in Structural Plans 
The NYC building code provides a list of items regarding data and information to be 
shown on structural plans. The Port Authority’s Tenant Construction Review Manual lists 
additional items to be shown on the plans. According to these lists, the structural 
engineer is required to indicate the following on the plans for the superstructure: 

1. The design code for the structural members 

2. The materials for the structural members 

3. The layout, locations, sizes, and sections for the structural members 

4. Tabulation of vertical live loads 

5. The locations and loads for machinery and equipment weighing in excess of 1000 
pounds 

6. Accumulated design vertical loads at each floor level provided in a column 
schedule 

7. Diagrams for trusses showing the design loads or moments in the truss members 

8. Typical moment connection details 

The EOR has shown all of the items listed above on the structural plans S-1 through S-
28.  

 

Con Edison Involvement 
As evidenced by the minutes of project group meetings prior to and during construction, 
jobsite meetings, and other correspondence, Con Edison was part of the decision making 
process throughout the duration of the project. It was kept informed of the design and 
construction issues for WTC 7, including the following, among others: 

1. The structural system of the building (CONED0076320-0076321, CONED0076388-
0076391, SPI025145) 

2. The structural load path in the building (CONED0076320-0076321, CONED0076388-
0076391, SPI025145) 

3. Design and location of caissons and columns built within the substation footprint 
(SPI040910, CONED0076317-0076325, CONED0076388-0076389, 
CONED0076495, CONED0081437) 

4. WTC 7 columns and their attachment to the existing substation columns (SPI040911, 
CONED0076319) 

5. Structural modifications to the substation such as creating openings in substation 
roof, removal of roof and wall components, addition of bracing members within the 
substation (SPI040910-040911, CONED0076317-0076325) 

6. Monitoring and recording of vibrations in the substation resulting from the installation 
of caissons within and outside the substation  (SPI040910, CONED0076317-
0076327) 

7. Protection of the substation and its equipment using protection barriers, scaffolding, 
and special construction procedures to minimize impacts and vibrations during the 
construction of WTC 7 (SPI040910-040911, CONED0076317-0076327, 
CONED0076389, CONED0081434) 

8. Construction schedule (CONED0076389) 
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Con Edison’s role is documented in the following, among others: CONED0081757 (Con 
Edison letter to Silverstein dated February 27, 1984 states: “We cannot approve any of 
these design drawings or specifications in their present form. Upon review of the 
foundation drawings and specifications submitted, we have the following comments 
which must be resolved to our satisfaction before approval. Additional comments may be 
forthcoming when a complete set of drawings and specifications are received”), 
CONED0076320-0076321, CONED0076388-0076391, CONED0076495, 
CONED0081431-0081438, CONED0081758, CONED0081786, SPI023974, SPI025105, 
SPI025144-025145, and SPI040877. 
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4. EVALUATION OF CODE COMPLIANCE  
1. WAI performed a detailed review of the structural design calculations and analyses 

performed by the EOR to check for compliance with the applicable codes and 
requirements as set forth in the documents cited in Section 3.1 above. In addition, we 
performed our own independent evaluation of code compliance. 

2. Our independent evaluation of code compliance is based on a direct analysis of the 
building, as-built. We also verified compliance with the governing design documents. 

3. We used a SAP 2000 v14 computer model for review of the structural members, with 
supporting hand calculations and spreadsheets for the member connections. 

4. The net result of our review and independent evaluation is that WTC 7 was code 
compliant. 

5. All structural members of WTC 7 were proportioned such that stresses and 
deflections did not exceed allowable values set by the building code. Our review of 
various connection designs indicates that these, too, met the requirements of the 
building code. 

 

4.1. Transfer Trusses 
WTC 7 has three vertical trusses designed to support vertical gravity loads and transfer 
them to the columns below. All three trusses are 2-stories tall and located between the 5th 
and the 7th floors. In the structural design documents, the three trusses were referred to 
as Truss No. 1, Truss No. 2, and Truss No. 3 and they are referred to as such throughout 
this report. 

Truss No. 1 (Figure 2 and Figure 3) transfers the gravity load in column 76 at the 7th floor 
to column 73 and plate girder MG-53 at the 5th floor. MG-53, in turn, transfers the load to 
columns E3 and E4 that continue straight down to the existing caissons E3 and E4 
located within the substation. Column 73 continues straight down to the existing caisson 
504 located at the perimeter of the substation. 

Truss No. 2 (Figure 2 and Figure 3) transfers the gravity load in column 77 at the 7th floor 
to columns 74 and 80 at the 5th floor. Columns 74 and 80 continue straight down to new 
caissons 74 and 80 located outside the substation. Caisson 74 is a strengthened version 
of its predecessor caisson 512 at the same location. 

Truss No. 3 (Figure 2 and Figure 3) transfers the gravity load in column 61at the 7th floor 
to columns 61A and 62 at the 5th floor. Columns 61A and 62 continue straight down to 
new caissons 61A and 62 located outside the substation. 

WAI reviewed the final design for the transfer trusses and determined that it met the 
requirements of the building code.  

We considered dead and live load components of the gravity loads on the beams, girders 
and columns supported by the transfer trusses. In order to support design loads, truss 
diagonals were made up of the three largest available standard steel sections (W14x730, 
W14x665, W14x605) and in trusses 1 and 2, the diagonals had larger than standard 
sections with reinforcing web plates welded to a W14x730, thus forming a built-up 
section. For stability, the truss diagonals were designed as restrained at mid-height (the 
6th floor level) to resist axial force demands without buckling. The unbraced length of 
truss diagonal that is used in our buckling calculations conservatively assumed the 
diagonal as spanning from floor to floor and pin connected to the floors, accounting for 
the collar connection and the bracing it provided at the 6th floor level. In reality, the ends 
of the diagonal had large steel gusset plates that considerably shortened its unbraced 
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length and provided it with larger capacity than that assumed by design. The gusset 
plates also provided greater joint rigidity than the assumed pin connections, thus 
reducing the effective unbraced length again. Therefore, even without accounting for the 
collar connection and the bracing it provided at the 6th floor level, the truss diagonals had 
enough capacity to resist buckling under design loads, as determined by our calculations. 

Each of the truss bottom chords located at the 5th floor level in trusses 1 and 2 was a 
steel plate girder made up of 24”x3” flange plates and a 42”x4” web plate, which together 
formed a section much larger than the largest standard section in order to support design 
loads. We checked the design of the truss bottom chords considering their allowable 
shear and combined axial and bending stresses, thus taking into account the secondary 
stresses that develop in the chords due to loads from the floor that frames into the truss. 
We also checked for the deformations in the truss chords and determined them to be 
within their allowable limits, thus satisfying serviceability requirements. 

As mentioned earlier, the diagonals of Trusses 1 and 2 were braced. The bracing was 
provided with a beam at the 6th floor level. We checked the design of the 6th floor beam 
for its size, slenderness, added cover plate along the bottom flange and shear studs on 
the top flange for composite action. 

The connection detail between the 6th floor bracing beam and the diagonals in Trusses 1 
and 2 was revised in the shop drawings. The revised connection involved a series of 
thicker, steel trapezoidal shaped plates welded together and to the 6th floor beam in order 
to form a box around the truss diagonals to brace them. The connection thus “captured” 
the diagonals in bearing while allowing them to slide. 

Shop drawings also show that the eastern diagonal at Truss 2 was connected to column 
80 by “sistering” the 6th floor beam with an additional W8x40, welded to both the column 
and the truss diagonal. The W8x40 provided additional restraint to the diagonal, with 
enough capacity to support 2% of the axial load in the diagonal (2% x 6000 kips = 120 
kips). The 6th floor strut also provided additional restraint to column 80. 

Results of our computer analysis described in Section 4.5 also confirmed that the transfer 
truss design complied with the then governing design code. 

 

4.2. Cantilever Transfer Girders 
WTC 7 has eight cantilever transfer girders designed to support vertical gravity loads and 
transfer them to the columns below. This transfer makes use of the existing columns and 
caissons at the site in order to support loads. All eight girders are located at the 7th floor 
and span between the building’s north perimeter and the building core’s north perimeter. 
In the structural design documents, the eight girders were collectively referred to as MG-
27 and they are referred to as such in this section. 

The eight MG-27s, shown in Figure 2 and Figure 3, transfer the gravity load in columns 
47 through 54 to columns 47A through 54A at the 7th floor. Columns 47A through 54A 
continue straight down to the existing caissons N2 through N9 located within the 
substation. 

WAI reviewed the final design for the cantilever transfer girders and determined that it 
met the requirements of the building code. 

We determined that the MG-27s met the strength criteria. MG-27 is 9 feet deep at its 
deepest north end and 4.5 feet deep at its shallowest south end. Flanges of MG-27 are 5” 
thick; its web is 3” thick at the deep end and 2” thick at the shallower end. We checked 
the reaction forces, shear stresses and bending stresses at the minimum and maximum 
section depths and at the tapered section in-between. 
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According to structural plans and shop drawings, bearing stiffeners were provided at the 
cantilever support and the end of the overhang to help transfer column load from the 
overhang (building perimeter) to the support (located 6’-9” inside the perimeter). The 
stiffeners ran the entire depth of the web plate and were welded to the top and bottom 
flange plates. The stiffeners were massive WT7x302.5 and WT7x332.5 sections placed 
on both sides of the web. 

We checked that the MG-27s met the code criteria for local flange buckling and web 
buckling and determined that intermediate stiffeners between the supports were not 
required. Where tapered section meets uniform depth section, “kick” forces are produced 
placing the web under additional tension or compression forces. We considered these 
forces in our web buckling check. 

We determined that the MG-27s were adequately braced. Bracing to prevent lateral 
torsional buckling of the girder was provided at 3 points along the span: 

1. At the end of the overhang by the presence of the bearing stiffeners, the transverse 
belt truss connecting to either side of the web, and the W14x605 column from above 
bolted to top flange. Note that end bracing is required near the top (tension) flange of 
a cantilevered member. 

2. At the support by the presence of bearing stiffeners and W14x665 column from below 
which was bolted to bottom flange and ran straight down to the substation columns 
and caissons. This column was not susceptible to buckling under design loads; its 
unbraced length between the bottom flange and the next floor down (the 6th floor 
framing) was only 4 feet. 

3. At the far support at the south end of the girder by the presence of 7th floor framing 
plus core braced frame. 

In-between the above three points, the metal deck and concrete floor slab provided 
continuous torsional bracing but did not provide lateral bracing since it is the bottom 
flange which is in compression in a cantilever. Thus, the cantilever girder was considered 
unbraced for 46 feet between points 2 and 3 in the above list. This reduced the allowable 
bending strength of the girder from 23.8 ksi to 21.4 ksi. The maximum bending stress 
demand on the girder (from column loads plus self-weight and floor load) was 12.3 ksi, 
much less than its capacity. This resulted in a demand-to-capacity (D/C) ratio of 0.57 
based on allowable stresses. The actual corresponding factor of safety is 2.63 based on 
ultimate capacity. 

We calculated the demand based on one girder with the worst column loading among the 
8 girders. The factors of safety for the other identical 7 girders, with slightly smaller 
demands can be expected to be slightly larger. 

We determined that the MG-27s met the serviceability criteria. We checked the 
deflections between the supports and at the end of the overhang. 

Full penetration welds were used at web plate to flange plates due to large size of fillet 
welds in the girder support areas. We checked these welds at locations of concentrated 
loads near supports. Fillet welds were adequate at locations where the girder changed 
depth. 

Stiffener plates were adequately added at the depth change locations which produce the 
“kick” forces. The stiffeners were welded to the bottom flange where they provided more 
bending capacity to the girder by resisting its lateral torsional buckling. We did not include 
the effects of these extra stiffeners in our structural calculations. Hence there is extra 
conservatism in design. 

The EOR assumed that the column load transfers took place on the 7th floor. This 
conservative design approach does not take into account the help of the north elevation 
perimeter belt truss in transferring column gravity loads. In reality, the belt truss on the 
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north elevation formed two parallel lines of columns between the 5th and the 7th floors 
and assisted the cantilever transfer girders in transferring column loads. 

Results of our computer analysis described in Section 4.5 also confirmed that the transfer 
girder design complied with the then governing design code. 

 

4.3. Other Transfer Girders 
There are, as shown in Figure 2 and Figure 3, three other non-cantilevering transfer 
girders in WTC 7 that are designed to support vertical gravity loads and transfer them to 
the columns below. The three girders are located at the 7th floor and referred to as MG-
21, MG-22, and MG-23 in the structural design documents. 

MG-21 transfers the gravity load in column 58 to columns 58A and 58C at the 7th floor. 
Columns 58A and 58C continue straight down to the existing caissons W5 and W6, 
respectively, located within the substation. 

MG-22 transfers the gravity load in column 59 to columns 59A and 58B at the 7th floor. 
Column 59A continues straight down to the existing caisson W4 located outside the 
substation. Column 58B continues straight down to new caisson 58B located outside the 
substation. 

MG-23 transfers the gravity load in column 78 to columns 78A and 77 at the 7th floor. 
Column 78A continues straight down to new caisson 78A located outside the substation. 
Column 77 is supported by Truss No. 2. 

WAI reviewed the final design for MG-21, MG-22, and MG-23 and determined that it met 
the requirements of the building code.  

We determined that MG-21, MG-22, and MG-23 met the strength criteria. We checked 
the reaction forces, shear stresses and bending stresses at the point of maximum load 
demand along the span. We also checked the deflections between supports and 
determined that the transfer girders met the serviceability criteria. 

According to structural plans and shop drawings, bearing stiffeners were provided at the 
two end support columns and at the location of the column above to help transfer column 
load to the support columns below. The stiffeners ran the entire depth of the web plate 
and were welded to the top and bottom flange plates. The stiffener plates were placed on 
both sides of the web and they were as thick as the flange or the web plates that form the 
built-up transfer girders. We checked that the transfer girders met the code criteria for 
local flange buckling and web buckling and determined that intermediate stiffeners 
between the supports were not required. Similar to regular floor beams, these transfer 
girders were braced at the top compression flange by the continuous metal deck and 
concrete floor slab to prevent lateral torsional buckling. 

Full penetration welds were used at web plate to flange plates due to large size of fillet 
welds in the girder support areas. We checked these welds at locations of concentrated 
loads near supports. 

The EOR chose to use four 1-inch diameter A490 bolts at the connection between the 
transfer girder and the column above, which resulted in approximately a 20% increase in 
bolt strength over A325 bolts. 

Lifting plates and connection plates were added to the girders to allow their erection by a 
derrick and prevent stress concentrations from occurring in the girders. Bracket plates 
were provided for the beams that frame into the girder at the location of the column. 

Results of our computer analysis described in Section 4.5 also confirmed that the transfer 
girder design complied with the then governing design code. 
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4.4. Composite Floors 
Structural design plans and shop drawings specify shear studs on beams and girders for 
composite floor framing. Drawing S-8 Revision I was issued for additional studs on typical 
floors. Revision I places shear studs on the girders and also adds more studs on the 
beams along the south, west, and east portions of the floor. The extra studs on beams 
appear to be related to an “increase of 10 psf DL on Typ. Floor” as noted in a memo 
dated 10-16-85 (CANTOR0007733). However, the number of studs placed on the girders 
would increase their capacity to support much more than 10 psf of vertical load. 

Our review of the EOR’s structural calculations for floor framing determined that both 
beams and girders had sufficient strength. Girders had sufficient strength to support 
design loads even without the contribution of the floor deck (i.e. a non-composite design 
would suffice). We performed additional checks for deflections taking into account the 
cambers provided by the EOR. Finally, we checked the floor vibrations. We found no 
instances where deflection or vibration governed the beam sizing or the number of studs 
to be used. Calculations for typical floor beams by the EOR are found in 
CANTOR0004195-CANTOR0004417, and calculations for typical floor girders are found 
in CANTOR0002074-CANTOR0002152. A floor vibration check is found in 
CANTOR0002153-CANTOR0002172. We find those calculations to be consistent with 
the then building code requirements. 

Calculations indicate that the EOR had a conservative approach to designing the partially 
composite floor beams:  

1. The shear stud capacity assumed in design when two studs are placed in one rib of 
the metal deck is 18.2 kips for the total of the two studs. This value is smaller than 20 
kips capacity provided by the 1978 AISC Specifications equation 1.11-8. 

2. The composite (transformed) section properties used in design are taken from Inryco, 
the manufacturer’s composite beam design manual and they are based on a 
concrete compressive strength (f’c) of 3000 psi. This is smaller than the actual design 
strength of 3500 psi specified in the structural plans. 

3. As described in Section 3.4, the EOR conservatively designed the floor beams by 
using a live load larger than required by the building code, and many times designed 
them for full live load with no reduction. 

According to the then current 1978 AISC Specifications that the EOR used, the girder 
between columns 44 and 79 (which plaintiffs’ experts claim was “negligibly composite”) 
was 51% composite and sufficient to meet strength criteria. 

All typical floor framing in WTC 7 including beams and girders was built partially 
composite (as defined in the 1978 AISC Specifications). Much of that composite action 
was beyond what was needed for strength requirement. Section 1.11.4 of the 
Commentary on the 1978 AISC Specification states: “Where adequate flexural capacity is 
provided by the steel beam alone, that is, composite action to any degree is not required 
for flexural strength, but where it is desired to provide interconnection between the steel 
frame and the concrete slab for other reasons, such as to increase frame stiffness or to 
take advantage of diaphragm action, the minimum requirement that V’h (Horizontal Shear 
for Partial Composite Action) be not less than Vh/4 (One-quarter of Horizontal Shear for 
Full Composite Action) does not apply”. The extra composite action provided in the 
design of WTC 7 increased frame stiffness and diaphragm action and helped facilitate the 
bracing of the columns and the transfer of lateral loads (such as wind loads) from one 
side of the floor to the opposite side. 
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4.5. WAI Computer Analysis for Code Compliance 

Computer Program Input 
The evaluation of code compliance for the structural members -- beams, girders, 
columns, and trusses -- of WTC 7 was performed using the structural analysis computer 
program SAP 2000 version 14.2.2.  

Structural design plans were used in creating the computer model of WTC 7 shown in 
Figure 5. The geometry of the building, the layout of the floors, the length, size, and 
material properties of the structural members were obtained from the structural plans. 
Shop drawings were checked to determine variations from the structural plans, if any, in 
the geometric properties of the members. The main elements of the Solomon Smith 
Barney buildout that had not been reversed prior to September 11, 2001 were also 
incorporated. This includes the removal of floor framing, deck and slab at the 41st and 
43rd floors as shown in the structural demolition plans DS-2 and DS-3 for SBI’s tenant 
alterations. 

The structural members of the substation were not included in the computer model, 
except for the columns in the substation which directly support WTC 7. The properties of 
these existing columns were obtained from structural plan S-17A for WTC 7 and plans 
100, 104, 106, 110, 204, and 207 for the substation. The substation columns supporting 
WTC 7 were laterally braced in the computer model at the first 3 floor levels to reflect the 
restraint provided to these columns by the rest of the substation structure which was not 
included in the computer model. 

The computer model includes the structural members of the superstructure above the 
first floor level and excludes those of the foundation. The model assumes the column 
supports at the first floor level have zero translation movement. 

All beams, girders, columns, and trusses were modeled using the frame element type in 
SAP 2000. The dimensions and other geometric properties of the frame element sections 
were automatically obtained by the computer program from the AISC Manual’s standard 
steel shapes. For built-up shapes not listed in the standard tables of the AISC Manual, 
their dimensions were manually input into SAP 2000 which then computed their 
appropriate geometric properties. 
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Figure 5: SAP 2000 Computer Model for WTC 7. 
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Each of the two ends of interior floor beams, girders, and diagonal braces were released 
for rotation to simulate their shear connections. No releases were assigned to the 
columns and the perimeter moment frame beams. The end length offsets for the frame 
elements were computed automatically by SAP 2000 based on their geometry, size, and 
connectivity. 

The floor slabs were modeled using the shell element type in SAP 2000. Shell elements 
were meshed as shown in Figure 6 for a typical floor. All floor areas, with or without a 
floor deck, were modeled with a uniform thickness. Shell elements representing a floor 
slab without a deck have the same floor thickness as specified in the plans. For slabs on 
metal deck, an effective uniform thickness, which is different from the actual floor 
thicknesses listed in Table 1 of Section 2.1, was used for in-plane (membrane) and out-
of-plane (plate) bending of the floors. The effective floor thickness accounts for the 
geometric and material irregularities of the concrete and metal deck, which do not have a 
uniform material with a uniform thickness as the shell element would otherwise assume. 
Similarly, the mass, the weight, and the in-plane (membrane) and out-of-plane (plate) 
bending stiffness of the uniform shell elements were modified to simulate the effective 
floor deck properties parallel and perpendicular to deck ribs. These effective properties 
were input through property/stiffness modifier factors in SAP 2000 for a more realistic 
simulation of the floors in WTC 7. 

 

 

Figure 6: Typical Floor Meshed in SAP 2000. 

 

Material properties for the structural steel specified in the design plans were obtained 
from Table 1 of the 1980 Manual of Steel Construction. Material properties for reinforced 
concrete were obtained from ACI 318-83. 

Structural design loads provided in Section 3.4 were used in the computer model to 
evaluate the load demands on the structural members. These loads are dead, reduced 
live, and wind loads. Demands resulting from the simultaneous application of these loads 
were obtained based on the load combination factors specified in the NYC building code. 
Wind design is conservatively checked for both the NYC building code loads and the 
UWO wind tunnel test data as listed in Section 3.4. 

A staged load analysis was performed in SAP 2000 in which the diagonal braces were 
added after the dead loads were imposed on the structure which was then analyzed for 
the wind loads. This simulates a more realistic representation of the construction 
sequence which minimizes the gravity loads on the braces and allows them to work in 
resisting the lateral loads. 
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Structural analysis of the model took into consideration the second-order P-delta (P-δ) 
effects arising from geometric nonlinearities, although this was not an explicit requirement 
of the allowable stress design outlined in the 1978 AISC Specifications. 

 

Computer Program Results 
Analysis results from SAP 2000 version 14 were used to evaluate the compliance of the 
structural elements with the strength and serviceability requirements of the 1978 AISC 
Specifications as referenced by the NYC Building Code. Our analysis showed that WTC 
7 was code compliant. 

The 1978 AISC Specifications were published as part of the 8th edition of the Manual of 
Steel Construction. The SAP 2000 program provides a tool to automatically check the 
design of the steel members for the 1989 AISC Specifications, which was the next 
version (9th edition) of the AISC specifications for structural steel. Both the 8th and the 9th 
editions are based on allowable stress design. The differences between the 8th and the 
9th editions are minor and they do not alter our conclusions regarding the design code 
check of the structural members.  

Some of the parameters automatically set by SAP 2000 were overwritten as follows, for a 
realistic representation of the structural design: 

• The program uses an unbraced length factor to account for member slenderness 
effects. This factor for major and minor axis bending of the floor beams and girders 
was manually set to 0.01 to represent the stability and restraint provided to the 
beams and girders by the continuous bracing from the floor slabs and point bracing 
from the framing elements. The exception to this is the “wind” girder minor axis 
bending for which the unbraced length factor was conservatively set to 0.5 because 
parts of the girder span would be subjected to negative moments created by wind 
loads in which case it can partially rely on the floor slab but still rely on the 
intermediate framing beams to restrain it for lateral-torsional buckling. 

• The program uses an effective length factor (K) to account for member end-
conditions in the design check of columns. The program assigns K=1 for major and 
minor axis bending of all beams, girders and diagonal braces, and automatically 
computes the K-factor for columns. For columns of the interior gravity frames, K-
factor was manually set to 1. For columns of the perimeter moment frames, K-factor 
for major axis bending was automatically computed and K-factor for minor axis 
bending was manually set to 1. The exception to this is the four building corner 
columns for which K-factors for both major and minor axis bending were 
automatically computed because the corner columns were members of two moment 
frames in the two orthogonal directions. 

• The bending strength of beams and girders about their major axis was manually 
adjusted to represent the capacity of the composite floor framing. Otherwise, the 
program would have assumed that the floor members alone support loads with no 
contribution from the capacity of the slab. 

• The acceptable limit for the demand-to-capacity (D/C) ratio was changed from 1 to 
0.99 to conservatively check if demand is less than capacity, instead of less than or 
equal to capacity. 

The stresses in all structural members were checked against the code requirements for 
strength. This is accomplished through SAP 2000 which provides a D/C ratio for each 
member. The stress demand (D) is an outcome of the structural analysis based on the 
specified loads in the model. The capacity (C) is based on the allowable stress design 
equations. D/C ratio of less than 1 indicates that the stresses in the member do not 
exceed its structural capacity and therefore the member meets the code requirements. 
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Computation of D/C ratios showed that they did not exceed 1 for the structural members, 
which indicated that the members were adequately sized to provide capacity to resist the 
loads imposed on the structure. Maximum D/C ratios were obtained from the envelope of 
all load combinations and are shown for various parts of the building in Figure 7 through 
Figure 15. 

 

 
Figure 7: D/C Ratios Color Coded for Columns between Floors 14 and 16. 
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Figure 8: D/C Ratios Tabulated for Columns between Floors 14 and 16. 

 

 
Figure 9: D/C Ratios Color Coded for Floor 14 Framing. 
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Figure 10: D/C Ratios Tabulated for Floor 14 Framing. 

 

 
Figure 11: D/C Ratios Color Coded for Floor 15 Framing. 
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Figure 12: D/C Ratios Tabulated for Floor 15 Framing. 

 

 
Figure 13: D/C Ratios Color Coded for Floor 16 Framing. 
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Figure 14: D/C Ratios Tabulated for Floor 16 Framing. 

 

 
Figure 15: D/C Ratios Color-Coded for South Core Elevation through Column 81. 
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There are a few locations in the building model where the D/C ratios appear to exceed 1, 
such as at the roof level and floor 47 as shown in red in Figure 15. These locations 
typically occur at beam ends with a nearby large point load from another element framing 
into the beam causing the shear stresses to exceed capacity. The beams and/or their 
connections at such locations are typically stiffened by steel plates or other means as 
evidenced in shop drawings but these few local details were not necessarily reflected in 
the SAP 2000 model. All of these local details were checked outside of the software and 
found to meet the code requirements. Similar situations also occur when an 
inappropriately meshed slab shell element near a beam end applies an unrealistically 
excessive load on the beam. The beam passes design check when a finer mesh is used 
at all such locations in the model; the finer mesh effectively distributes the unrealistically 
large point load. 

We checked the deflections of all floor beams and girders against the code requirement 
for serviceability (1978 AISC Specifications, Section 1.13.1). Deflections due to live load 
were determined to be less than 1/360 of beam spans, which showed that the beams 
were adequately sized to avoid occupant discomfort and damage to nonstructural 
elements due to excessive floor deformations. Note that potentially excessive deflections 
due to dead load were prevented in WTC 7 by cambering the floor framing. 

We also checked the depth of floor beams and girders against the code requirement for 
vibration (1978 AISC Specifications, Section 1.13.2) and determined they were not less 
than 1/20 of their span. This showed that the beams were adequately sized to minimize 
perceptible transient vibration and avoid occupant discomfort due to pedestrian traffic. 

The results of our evaluation show that WTC 7 was code compliant. All structural 
members of WTC 7 were proportioned such that stresses, deflections, and vibrations did 
not exceed allowable values set by the governing design documents. All floor beams and 
girders, including the longest spans in the floor, met the design requirements. Transfer 
girders, transfer trusses, and belt trusses met the design requirements. 

 

4.6. Connections  

Shear Connections 
Our calculations show that the interior floor beams and girders had connections with 
adequate capacity to provide the necessary reaction to support the design shear force 
demand in the beam or the girder. 

Our calculations were based on the tables and procedures outlined in Part 4 of the 1980 
Manual of Steel Construction. We performed a design check at several locations in the 
building on fin plate, double angle, and seated beam connection types. Calculations 
included checking for the design of the fin plate, the angle plates, the seat angle (or the 
seat plate and the supporting plate), the beam web, number of required bolts, and weld 
requirements. 

 

Shear Connections in Tension or Compression 
The axial tension and compression capacities of the interior floor framing connections are 
presented in Appendix C (Section 5 and Attachment I), which demonstrate that all girder-
to-column connections at every floor were adequately designed to resist 2% of the axial 
load in the columns. 
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Moment Connections 
Our calculations show that the perimeter moment frame beams (called out as wind 
girders in the EOR design documents) had connections with adequate capacity to 
provide the necessary reaction to support the design shear force and bending moment 
demands in the beam. 

Our calculations were based on the shop welded-field bolted moment connection design 
procedure outlined in the 1980 Manual of Steel Construction (pages 4-104 and 4-105). 
We performed a design check on several moment connections along the building 
perimeter. Calculations included checking for the design of the flange plates, the web 
plate, number of required bolts, weld requirements, column web reinforcement and 
stiffener plate requirements.  
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1. INTRODUCTION 
In order to understand the causal chain of events leading to the collapse of WTC 7, and 
associated contributing factors, we have undertaken a comprehensive and independent 
analysis which accurately reflects the conditions and responses of the WTC 7 structural 
system to the events of September 11  

This series of analyses is the subject of this appendix, and is organized as follows: 

 
• Section 2 of this appendix provides a detailed assessment of the extensive 

impact damage to WTC 7 from the massive multi-story structural pieces 
collapsing WTC 1 which tore through WTC 7. The results of this study are used 
to inform the degree of initial damage included in subsequent analyses of the 
whole building and for use in the fire analyses conducted by Hughes Associates 
[Beyler, 2010]. The photographic evidence shows major structural damage 
including a crater 115’ long by 11 stories high that was carved out of the lower 
southwest corner of the structure, along with a 20-story gash that sliced through 
the southern face at the upper stories. Consequently, further interior damage 
was likely incurred.  In spite of the robust nature of its structural design which 
allowed WTC 7 to remain standing and stable after this assault, the violence of 
the impact severed water lines, disabled sprinklers, and destroyed firestops 
throughout the building.  As burning debris ignited fires on multiple consecutive 
floors in WTC 7, the systems designed to fight these fires were either damaged 
or disabled completely.  The fires were thus allowed to spread unimpeded. 
 

• Section 3 explains how structural failure initiates. Excessive steel temperatures 
degrade the strength and stiffness of the steel framing and connections and 
result in very large movements of the floor. When failure does initiate, it occurs 
in the floor framing connections; most of which would have been severely 
challenged by the fire environment that they experienced on September 11th. 
The analyses clearly establish that, under the severe fire environment, failure 
initiation develops into “unzipping” of adjacent connections that are also already 
severely taxed by the fire environment and results in the collapse of widespread 
areas of the floor. It is clearly not a case of a “weak link” failure but rather one of 
a structural system, typical of modern high-rise office buildings, being 
overwhelmed by the magnitude of the extraordinary circumstances of the 
events of September 11.  

 
• The effects of fire-induced failure of an individual floor are assessed in 

Section 4. This analysis further illustrates the severity of the 9/11 fires by 
establishing that a single floor collapse unto a floor that is not weakened by 
nearly simultaneous fires would not have brought down WTC 7. Fires on at 
least two consecutive floors are a necessary condition for floor-to-floor impact to 
trigger a cascading vertical propagation of collapse.    
 

• The analyses described in Section 5 illustrate that the sequential collapse of two 
floors is more than can be arrested by the next floor below and so-on. This 
cascading collapse is dynamic, severe and chaotic, with a tremendous amount 
of debris raining down. This causes numerous and widespread connection 
failures, regardless of connection configuration type (e.g. knife vs. fin vs. seat), 
and leaves column 79, 80, and 81 unbraced over several floors, resulting in 
buckling. The buckling of these columns triggers the collapse of the remaining 
floor slabs up the entire height of the building, on its eastern side. This 
unleashes a tremendous amount of debris, which comes crashing down with 
ever-increasing velocity in an ever-widening field as it descends. This is the 
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primary mechanism for collapse propagation enveloping the remainder of the 
building. The analysis shows that floor diaphragm detailing or lower level 
transfer elements would not have made any difference in the outcome on 
September 11th. The analyses also clearly establish that the second a two-
consecutive-floor collapse initiates, the massive amount of kinetic energy 
involved sets off an unstoppable and uninterruptable chain of collapse that 
leads to a full building collapse.   
 

2. IMPACT DAMAGE ASSESSMENT 

2.1. Damage documentation  
We performed a detailed assessment of the immediate damage to WTC 7 caused by the 
impact of the flying debris from the collapsing twin towers WTC 1 and WTC 2. On 11 
September 2001, WTC 2 collapsed at 9:59 am and WTC 1 collapsed approximately half 
an hour later at 10:28 am. Due to the relatively short time span between the collapses of 
the two towers, there is limited amount of visual evidence for WTC 7 from this time frame. 
Most of the visual material available for identifying damage to WTC 7 is from after the 
collapse of WTC 1. 

Our assessment and documentation of impact damage to the building façade, the 
interiors and structural framing is presented in Sections 2.2 and 2.3. We catalogued the 
type of damage and its location in the building. This assessment is perforce a minimal 
extent assessment since large portions of the east side of the south face lack 
photographic documentation given the limited access and visibility after the collapse of 
WTC 1. The ensuing fire damage to WTC 7 and the behavior of fires across WTC 7 prior 
to its collapse are documented and presented by Dr. Beyler [Beyler, 2010].  

The impact damage assessment makes it clear that WTC 7 sustained major damage as 
a result of the collapse of WTC 1. WTC 7’s ability to withstand that immediate damage is 
a testament to its robustness. That damage however, also resulted in many fires that 
could not be fought given the total loss of all fire suppression means on that day.  

Sources 
We relied principally and photographic and videographic materials for damage 
assessment. Eyewitness accounts, such as those documented in [Beyler, 2010], were 
considered when they appeared to be consistent with the available visual material. 

Visual material consists of aerial and land-based photographs and video footage. This 
includes photographs taken on 11 September 2001 by the members of the New York City 
Police Department, the Fire Department of New York, Mr. Steve Spak, Mr. Aman Zafar, 
video footage taken by Mr. Steve Spak, ABC, CBS, and other television networks, 
observers and reporters. The specific sources relied upon in the assessment are 
identified and tabulated in this appendix. 

The visual material that was used to identify damage to WTC 7 is not as abundant as it is 
for the twin towers WTC 1 and WTC 2. Public attention and visual reporting had focused 
mostly on the damaged and burning twin towers, their collapses, and the aftermath of 
those collapses on 11 September 2001. Nevertheless, from the available photographs 
and video footage, we were able to assess the impact damage to WTC 7 except for 
significant portions of the building’s south elevation.  

Weidlinger Associates Inc. 

October 15, 2010   B -2 



  WTC 7 
Collapse analysis and assessment 

Limitations 
Identifying damage to WTC 7 from the available photographs and video footage is 
sometimes made difficult by: 

1. The dust and smoke arising from the fires and collapses of the twin towers blocking 
intermittently the view to the buildings in the vicinity of the twin towers including WTC 
7. 

2. The smoke arising from the fires burning inside WTC 7 (triggered by the impact of 
debris from WTC 1) and blocking intermittently the view to the south façade of WTC 
7. 

3. The piles of rubble on the street around WTC 7 obstructing the view to the lower 
floors of WTC 7. 

In spite of these difficulties, care was taken in examining the photographic evidence by 
zooming in on high resolution photographs and utilizing overlays to adjust for camera 
angle to identify locations of damage and its nature. 

Building Exterior Appearance 
The exterior of WTC 7 had a façade composed of granite and glass panels. The 
structural steel framing at the perimeter of the building (the moment frame) supported a 
steel curtain wall truss system at every floor, which in turn provided a back support for the 
panels. The configuration of the glass panels on the north and south façades of WTC 7 
differed from that of the west and east façades: while the former had horizontally 
continuous glass panels at every story, the west and east facades had discrete glass 
panels (i.e. windows) separated by granite “wall pier” panels. All four façades had 
continuous granite “spandrel” panels located at floor slab levels between the glass panels 
of two adjacent stories. Figure 1 shows the south and the east façades with continuous 
and discrete glass panels, respectively. Figure 1 also shows the sloping glass panels at 
the top two floors (46 and 47) on the south elevation. Figure 2 provides the nomenclature 
used in the description of the type and location of damage in Section 2.2. In most 
photographs and video stills presented in Sections 2.2 and 2.3, the granite panels have a 
light brown or reddish tan color, while the window panels look dark brown or black. 
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Figure 1: View of south and east façades of WTC 7 prior to 9/11.  
(photo number 286983 in Emporis database – emporis.com) 
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Figure 2: Curtain wall nomenclature for west and east façades.  
(cropped from Figure 1) 
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2.2. Identification of missing or damaged curtain wall  
The information provided in this section documents and describes the evolution, extent 
and severity of the damage to the exterior cladding of WTC 7. The significance of the 
extent and severity of impact damage to the curtain wall and its impact on the fires 
spread and the fire suppression systems is discussed in [Beyler, 2010].  

After Collapse of WTC 2 
The available visual material following the collapse of WTC 2 but prior to the collapse of 
WTC 1 indicates that the collapse of WTC 2 caused architectural damage to WTC 7. The 
impact of the WTC 2 flying debris resulted in broken glass panels and window frames on 
at least the first two floors of the south façade of WTC 7 (Figure 3, Figure 4) and allowed 
debris and dust to penetrate and accumulate in the WTC 7 lobby (Figure 5).  There were 
no other broken windows or granite panels visible in the available photographs and 
videos. There were no visible fires or smoke rising from WTC 7 following the collapse of 
WTC 2. 

 

Figure 3: South façade damage after collapse of WTC 2.  
(reproduced from NIST report NCSTAR 1-9 Figure 5-37) 
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Figure 4: South façade after collapse of WTC 2. 
(reproduced from NIST report NCSTAR 1-9 Figure 5-36) 

 

 

Figure 5: Interior damage after collapse of WTC 2.  
(reproduced from NIST report NCSTAR 1-9 Figure 5-39)  
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After Collapse of WTC 1 
The collapse of WTC 1 caused widespread, major architectural damage to WTC 7. The 
flying debris from the collapsing WTC 1 damaged the south and west façades on multiple 
floors along the height of WTC 7, as well as its roof. The curtain wall of the north and east 
façades remained intact after the collapse of WTC 1, until the fires in WTC 7 started to 
break some of the windows on the north and east façades later in the day on September 
11, 2001.  

 

South Façade: Debris impact damage to the south façade curtain wall was severe and 
widespread as seen in Figure 6 through Figure 21. These photographs and video stills, 
among others, were used to identify damage to the south façade granite and glass 
panels. Damaged or missing granite panels are identified by their floor and column line 
locations in Table 1. Similarly, the broken glass panels are listed in Table 2. The tables 
also list the source or the Bates number of the photographs that show the damage to the 
specific granite and glass panels. (Damage which could not be identified with specificity 
due to lack of sufficient visual evidence is noted as “(I)” or “indeterminate damage” in 
Table 1 and Table 2.) The impact damage to the south façade architectural elements is 
summarized graphically in Figure 22, which shows granite panel damage in red and glass 
panel damage in blue. Indeterminate damage is shown in orange or green for granite and 
glass panels, respectively. Portions of the façade that were obscured from view due to 
smoke are shown in purple. 

Figure 6 through Figure 9 show a gash that sliced through the southern façade granite 
and glass panels at the upper stories between floor 25 and the roof, between column 
lines 19 and 20. At floors 40 and above, that gash widens and encompasses the area 
between column lines 18 and 20. Portions of the gash were identified as indeterminate 
damage between floors 41 and 43 due to the obstruction of view from the rising smoke. 

Further evidence of the gash at the top three floors is clear in Figure 10 through Figure 
12. The sloping glass panels of floors 46 and 47 between column lines 18 and 20 are 
clearly missing. Glass panels are broken between floor 46 and the roof and from column 
line 16 to column line 21 (and maybe extending to column line 24). 

The original, continuous appearance of window panels on the south façade is clearly 
disrupted in these photographs, as pieces of the building interiors including the perimeter 
column lines had become visible due to the broken window panels. Pieces of interior 
finishes and contents usually appear in different shades of white in contrast with the 
darker color of the façade. Broken window panels were identified on every floor between 
floor 25 and the roof, including wide areas from the southwest corner of the building at 
column line 15 to as far away as column line 25 on floors 28, 29, and 30. 

Damage to granite panels and broken windows, near the top of the building at its 
southwest corner, is seen clearly in Figure 13 and Figure 10. Damage is located between 
column lines 15 and 16 from floor 41 to floor 47. Damage is also located  at floors 16 to 
20 and 25 and 26 in the building’s southwest corner (Figure 14). 

A major area of impact damage on the south elevation is located further down the 
building between floors 7 and 15 as shown in Figure 15 through Figure 18. Damage to 
granite panels in this area extends from the southwest corner of the building (i.e. column 
line 15) to column line 20. As noted in Table 1, granite panel damage between column 
lines 15 and 16 at some floors is determined by inference. Although the location of these 
panels is hidden from view (Figure 18), they would nevertheless be damaged since they 
would have lost their supporting structural framing. Damage to glass panels extends 
farther to column line 24. 

Figure 19 through Figure 21 show damage near the ground on the south elevation of 
WTC 7. Figure 19 indicates damaged granite panels on the first floor underneath the 
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pedestrian bridge near the east end of the south elevation. The south and east façades of 
WTC 7 are seen on the right in Figure 19, which shows Vesey Street looking west. Figure 
20 and Figure 21 help identify damaged curtain wall at the 3rd and 4th floors above the 
walkway near the west end of the south elevation. This damage is catalogued as broken 
glass panels (i.e. no granite damage) since the curtain wall in this area consists of 
continuous glass panels at spandrels as well as regular window locations. 

 

 
 

Figure 6: Impact damage to upper half of the south elevation including the gash 
(ABC Video frame with overlays). 

 

 Gash 
19 20 17 16 15 18 21 22 23 24 25 

41 

40 

39 

38 

37 

36 

35 

34 

33 

32 

31 

30 

29 

28 

Weidlinger Associates Inc. 

October 15, 2010   B -9 



  WTC 7 
Collapse analysis and assessment 

 

Figure 7: Impact damage to upper half of south elevation showing widespread 
façade damage as well as the gash (ABC Video frame). 

 

Weidlinger Associates Inc. 

October 15, 2010   B -10 



  WTC 7 
Collapse analysis and assessment 

 
Figure 8: Impact damage to upper half of south elevation showing widespread 
façade damage as well as the gash (ABC Video frame). 
Cropped from Figure 7 with overlays. 
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Figure 9: View from the southwest showing location of the gash on the south 
elevation (cropped from PANYNJ9009337). 
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Figure 10: Impact damage to south elevation upper floors, roof and penthouse 
(cropped from PANYNJ9009664). 
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Figure 11: Impact damage to top two floors of south elevation, the roof and the 
penthouse (cropped from PANYNJ9009627). 
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(a) 

 

 

(b) 

Figure 12: Impact damage to upper floors of south elevation and the roof (NIST 
NCSTAR 1-9 v1 p212). 
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Figure 13: Elevation showing impact damage to the south west corner of the 
building. The south elevation is mostly obscured by smoke.  (cropped from 
PANYNJ9043463). 
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Figure 14: Elevation showing impact damage to the south west corner of the 
building. The south elevation is obscured by smoke.  (cropped from 
PANYNJ9046498). 
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Figure 15: Impact damage to south elevation - view from the southwest 
(CONED0365488). 
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Figure 16: Impact damage to south elevation on floors 11 and above (Cropped 
Figure 15 with overlays). 

 

30 

11 
12 
13 
14 
15 

23 22 21 20 19 18 17 16 15 

Weidlinger Associates Inc. 

October 15, 2010   B -19 



  WTC 7 
Collapse analysis and assessment 

 

Figure 17: Impact damage to lower half of south elevation (PANYNJ9042868). 
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Figure 18: Impact damage to lower half of south elevation (Cropped Figure 17 with 
overlays). 
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Figure 19: Impact damage to first 2 floors of south elevation - view from the 
southeast (PANYNJ9044108). 
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Figure 20: Impact damage to south elevation on lower floors (cropped from 
PANYNJ9009648). 
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Figure 21: Impact damage to south elevation between floors 3 and 5 (Cropped from 
Figure 20 with overlays). 
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Table 1: Damage to South Elevation Granite Panels due to Debris Impact. 

Floor 
Level 

Column-to-Column 
Numbers 

Visual Material 
Bates Number or Source 

47 15-16 ABC Video*, PANYNJ9043463 
46 15-16 ABC Video, PANYNJ9043463 
46 18-19 ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
46 19-20 ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
45 15-16 ABC Video, PANYNJ9043463 
45 18-19 ABC Video, NIST NCSTAR 1-9 v1 p212 
45 19-20 ABC Video, NIST NCSTAR 1-9 v1 p212 
44 15-16 ABC Video, PANYNJ9043463 
44 18-19 ABC Video (I) 
44 19-20 ABC Video 
43 15-16 ABC Video, PANYNJ9043463 
43 18-19 ABC Video (I) 
43 19-20 ABC Video (I) 
42 15-16 ABC Video, PANYNJ9043463 
42 18-19 ABC Video (I) 
42 19-20 ABC Video (I) 
41 18-19 ABC Video (I) 
41 19-20 ABC Video (I) 
40 18-19 ABC Video (I) 
40 19-20 ABC Video 
39 19-20 ABC Video 
38 19-20 ABC Video 
37 19-20 ABC Video 
36 19-20 ABC Video 
35 19-20 ABC Video 
34 19-20 ABC Video 
33 19-20 ABC Video 
32 19-20 ABC Video 
31 19-20 ABC Video, PANYNJ9009337 
30 19-20 ABC Video, PANYNJ9009337 
29 19-20 ABC Video, PANYNJ9009337 
28 19-20 ABC Video, PANYNJ9009337 
27 19-20 ABC Video 
26 15-16 PANYNJ9043463 
26 19-20 ABC Video 
25 15-16 PANYNJ9043463 
25 19-20 ABC Video 
20 15-16 PANYNJ9046498 
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Floor 
Level 

Column-to-Column 
Numbers 

Visual Material 
Bates Number or Source 

19 15-16 PANYNJ9046498 
18 15-16 PANYNJ9046498 (I) 
17 15-16 PANYNJ9046498 (I) 
16 15-16 PANYNJ9046498 (I) 
15 15-16 CONED0365488 
15 16-17 CONED0365488 (I) 
15 17-18 CONED0365488 (I) 
15 18-19 CONED0365488 (I) 
15 19-20 CONED0365488 (I) 
15 20-21 CONED0365488 (I) 
14 15-16 CONED0365488 
14 16-17 CONED0365488, PANYNJ9042868 (I) 
14 17-18 CONED0365488, PANYNJ9042868 (I) 
14 18-19 CONED0365488, PANYNJ9042868 (I) 
14 19-20 CONED0365488, PANYNJ9042868 (I) 
13 15-16 By deduction 
13 16-17 CONED0365488, PANYNJ9042868 
13 17-18 CONED0365488, PANYNJ9042868 
13 18-19 CONED0365488, PANYNJ9042868 
13 19-20 CONED0365488, PANYNJ9042868 
12 15-16 By deduction 
12 16-17 PANYNJ9042868 
12 17-18 PANYNJ9042868 
12 18-19 PANYNJ9042868 
12 19-20 PANYNJ9042868 
11 15-16 By deduction 
11 16-17 PANYNJ9042868 
11 17-18 PANYNJ9042868 
11 18-19 PANYNJ9042868 
11 19-20 PANYNJ9042868 
10 15-16 By deduction 
10 16-17 PANYNJ9042868 
10 17-18 PANYNJ9042868 
10 18-19 PANYNJ9042868 
10 19-20 PANYNJ9042868 
9 15-16 By deduction 
9 16-17 PANYNJ9042868 
9 17-18 PANYNJ9042868 
9 18-19 PANYNJ9042868 
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Floor 
Level 

Column-to-Column 
Numbers 

Visual Material 
Bates Number or Source 

9 19-20 PANYNJ9042868 
9 22-23 PANYNJ9042868 
8 15-16 PANYNJ9042868 (I) 
8 16-17 PANYNJ9042868 
8 17-18 PANYNJ9042868 
8 18-19 PANYNJ9042868 
8 19-20 PANYNJ9042868 (I) 
7 15-16 PANYNJ9042868 (I) 
2 25-26 PANYNJ9044108 (I) 
2 26-27 PANYNJ9044108 
1 25-26 PANYNJ9044108 (I) 
1 26-27 PANYNJ9044108 

(I): Indeterminate Damage 

* “ABC Video” refers to WABC News Live Coverage on 9/11 
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Table 2: Damage to South Elevation Glass Panels due to Debris Impact. 

Story 
Number 

Column-to-
Column Numbers 

Visual Material 
Bates Number or Source 

47 16-17 PANYNJ9009627 
47 17-18 ABC Video*, PANYNJ9009627 

47 18-19 PANYNJ9009627, PANYNJ9009664, 
NIST NCSTAR 1-9 v1 p212 

47 19-20 ABC Video, PANYNJ9009627, PANYNJ9009664,  
NIST NCSTAR 1-9 v1 p212 

47 20-21 PANYNJ9009664 
47 21-22 ABC Video (I) 
47 22-23 ABC Video (I) 
47 23-24 ABC Video (I) 
46 15-16 ABC Video, PANYNJ9043463 
46 16-17 PANYNJ9009627 
46 17-18 ABC Video 
46 18-19 PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
46 19-20 ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
46 20-21 ABC Video (I) 
46 21-22 ABC Video (I) 
46 22-23 ABC Video (I) 
46 23-24 ABC Video (I) 
45 15-16 ABC Video, PANYNJ9043463 
45 16-17 ABC Video 
45 17-18 ABC Video 
45 18-19 NIST NCSTAR 1-9 v1 p212 
45 19-20 NIST NCSTAR 1-9 v1 p212 
44 15-16 ABC Video, PANYNJ9043463 
44 16-17 ABC Video 
44 17-18 ABC Video 
44 18-19 ABC Video (I) 
44 19-20 ABC Video (I) 
43 15-16 ABC Video, PANYNJ9043463 
43 16-17 ABC Video 
43 17-18 ABC Video 
43 18-19 ABC Video (I) 
43 19-20 ABC Video (I) 
42 15-16 ABC Video, PANYNJ9043463 
42 16-17 ABC Video (I) 
42 17-18 ABC Video 
42 18-19 ABC Video (I) 
42 19-20 ABC Video (I) 
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Story 
Number 

Column-to-
Column Numbers 

Visual Material 
Bates Number or Source 

41 15-16 ABC Video, PANYNJ9043463 
41 16-17 ABC Video (I) 
41 17-18 ABC Video 
41 18-19 ABC Video (I) 
41 19-20 ABC Video (I) 
40 16-17 ABC Video 
40 17-18 ABC Video 
40 18-19 ABC Video (I) 
40 19-20 ABC Video (I) 
39 16-17 ABC Video 
39 17-18 ABC Video 
39 18-19 ABC Video 
39 19-20 ABC Video 
38 15-16 ABC Video, PANYNJ9043463 
38 16-17 ABC Video 
38 17-18 ABC Video 
38 18-19 ABC Video 
38 19-20 ABC Video 
37 15-16 ABC Video, PANYNJ9043463 (I) 
37 16-17 ABC Video 
37 17-18 ABC Video 
37 18-19 ABC Video 
37 19-20 ABC Video 
37 20-21 ABC Video 
36 15-16 ABC Video, PANYNJ9043463 (I) 
36 16-17 ABC Video 
36 17-18 ABC Video 
36 18-19 ABC Video 
36 19-20 ABC Video 
36 20-21 ABC Video 
35 15-16 ABC Video, PANYNJ9043463 (I) 
35 16-17 ABC Video 
35 17-18 ABC Video 
35 18-19 ABC Video 
35 19-20 ABC Video 
35 20-21 ABC Video 
35 21-22 ABC Video 
34 15-16 ABC Video, PANYNJ9043463 (I) 
34 16-17 ABC Video 
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Story 
Number 

Column-to-
Column Numbers 

Visual Material 
Bates Number or Source 

34 17-18 ABC Video 
34 18-19 ABC Video 
34 19-20 ABC Video 
34 20-21 ABC Video 
33 15-16 ABC Video, PANYNJ9043463 (I) 
33 16-17 ABC Video 
33 17-18 ABC Video 
33 18-19 ABC Video 
33 19-20 ABC Video 
33 20-21 ABC Video 
33 21-22 ABC Video 
33 22-23 ABC Video 
33 23-24 ABC Video 
32 15-16 ABC Video, PANYNJ9043463 (I) 
32 16-17 ABC Video 
32 17-18 ABC Video 
32 18-19 ABC Video 
32 19-20 ABC Video 
32 20-21 ABC Video 
32 21-22 ABC Video 
32 22-23 ABC Video 
32 23-24 ABC Video 
31 15-16 ABC Video, PANYNJ9043463 (I) 
31 16-17 ABC Video (I) 
31 17-18 ABC Video (I) 
31 18-19 ABC Video 
31 19-20 ABC Video, PANYNJ9009337 
31 20-21 ABC Video 
30 15-16 ABC Video, PANYNJ9043463 (I) 
30 16-17 ABC Video (I) 
30 17-18 ABC Video 
30 18-19 ABC Video 
30 19-20 ABC Video, PANYNJ9009337 
30 20-21 ABC Video 
30 21-22 ABC Video 
30 22-23 ABC Video 
30 23-24 ABC Video 
30 24-25 ABC Video 
29 15-16 ABC Video, PANYNJ9043463 (I) 
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Story 
Number 

Column-to-
Column Numbers 

Visual Material 
Bates Number or Source 

29 16-17 ABC Video (I) 
29 17-18 ABC Video 
29 18-19 ABC Video 
29 19-20 ABC Video, PANYNJ9009337 
29 20-21 ABC Video 
29 21-22 ABC Video 
29 22-23 ABC Video 
29 23-24 ABC Video 
29 24-25 ABC Video 
28 15-16 ABC Video, PANYNJ9043463 (I) 
28 16-17 ABC Video (I) 
28 17-18 ABC Video 
28 18-19 ABC Video 
28 19-20 ABC Video, PANYNJ9009337 
28 20-21 ABC Video 
28 21-22 ABC Video 
28 22-23 ABC Video 
28 23-24 ABC Video 
28 24-25 ABC Video 
27 15-16 ABC Video, PANYNJ9043463 (I) 
27 16-17 ABC Video (I) 
27 17-18 ABC Video (I) 
27 18-19 ABC Video (I) 
27 19-20 ABC Video 
27 20-21 ABC Video 
27 21-22 ABC Video 
27 22-23 ABC Video 
26 15-16 ABC Video, PANYNJ9043463 (I) 
26 16-17 ABC Video (I) 
26 17-18 ABC Video (I) 
26 18-19 ABC Video (I) 
26 19-20 ABC Video 
26 20-21 ABC Video 
26 21-22 ABC Video 
26 22-23 ABC Video 
25 15-16 PANYNJ9043463 
25 16-17 ABC Video (I) 
25 17-18 ABC Video (I) 
25 18-19 ABC Video (I) 
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Story 
Number 

Column-to-
Column Numbers 

Visual Material 
Bates Number or Source 

25 19-20 ABC Video 
15 15-16 CONED0365488 
15 16-17 CONED0365488 (I) 
15 17-18 CONED0365488 (I) 
15 18-19 CONED0365488 (I) 
15 19-20 CONED0365488 (I) 
15 20-21 CONED0365488 (I) 
14 15-16 CONED0365488 
14 16-17 CONED0365488, PANYNJ9042868 (I) 
14 17-18 CONED0365488, PANYNJ9042868 (I) 
14 18-19 CONED0365488, PANYNJ9042868 (I) 
14 19-20 CONED0365488, PANYNJ9042868 (I) 
14 20-21 CONED0365488 (I) 
14 21-22 CONED0365488 (I) 
14 22-23 CONED0365488 (I) 
14 23-24 PANYNJ9042868 (I) 
13 15-16 CONED0365488 (I) 
13 16-17 CONED0365488, PANYNJ9042868 (I) 
13 17-18 CONED0365488, PANYNJ9042868 (I) 
13 18-19 CONED0365488, PANYNJ9042868 (I) 
13 19-20 CONED0365488 
13 20-21 CONED0365488 (I) 
13 21-22 CONED0365488 (I) 
13 22-23 CONED0365488 (I) 
13 23-24 PANYNJ9042868 (I) 
12 15-16 PANYNJ9042868 (I) 
12 16-17 PANYNJ9042868 
12 17-18 PANYNJ9042868 
12 18-19 PANYNJ9042868 
12 19-20 PANYNJ9042868 
12 20-21 CONED0365488 
12 21-22 CONED0365488 
12 22-23 CONED0365488 
12 23-24 PANYNJ9042868 
11 15-16 PANYNJ9042868 (I) 
11 16-17 PANYNJ9042868 
11 17-18 PANYNJ9042868 
11 18-19 PANYNJ9042868 
11 19-20 PANYNJ9042868 
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Story 
Number 

Column-to-
Column Numbers 

Visual Material 
Bates Number or Source 

11 20-21 CONED0365488 
11 21-22 CONED0365488, PANYNJ9042868 
11 22-23 CONED0365488, PANYNJ9042868 
11 23-24 PANYNJ9042868 
10 15-16 PANYNJ9042868 (I) 
10 16-17 PANYNJ9042868 
10 17-18 PANYNJ9042868 
10 18-19 PANYNJ9042868 
10 19-20 PANYNJ9042868 
10 20-21 PANYNJ9042868 
10 21-22 PANYNJ9042868 
10 22-23 PANYNJ9042868 
10 23-24 PANYNJ9042868 
9 15-16 PANYNJ9042868 (I) 
9 16-17 PANYNJ9042868 
9 17-18 PANYNJ9042868 
9 18-19 PANYNJ9042868 
9 19-20 PANYNJ9042868 
9 20-21 PANYNJ9042868 (I) 
9 21-22 PANYNJ9042868 
9 22-23 PANYNJ9042868 
9 23-24 PANYNJ9042868 
8 15-16 PANYNJ9042868 (I) 
8 16-17 PANYNJ9042868 
8 17-18 PANYNJ9042868 
8 18-19 PANYNJ9042868 
8 19-20 PANYNJ9042868 
7 15-16 PANYNJ9042868 (I) 
7 16-17 PANYNJ9042868 
4 17-18 PANYNJ9009648 
4 18-19 PANYNJ9009648 
3 17-18 PANYNJ9009648 
3 18-19 PANYNJ9009648 

I: Indeterminate Damage 

* “ABC Video” refers to WABC News Live Coverage on 9/11 
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Figure 22: South elevation architectural damage 
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West Façade: Debris impact damage to west façade curtain wall was severe, although 
not as widespread as the south façade (see Figure 13, Figure 14, and Figure 23 through 
Figure 28). The photographs in these figures were used to identify damage to the west 
façade granite and glass panels. Damaged or missing granite panels are identified by 
their floor and column line locations in Table 3 and Table 4 for wall pier and spandrel 
panels, respectively. Similarly, broken glass panels are listed in Table 5. These tables 
also list the source or the Bates number of the photographs that show the damage to the 
specific granite and glass panels. The debris impact damage to the west façade 
architectural elements is summarized in Figure 29. We illustrate our best estimate of 
window damage resulting from debris impacts in Figure 29 and Table 5; windows broken 
later in the day due to the ensuing fires are not included in the impact assessment. 

Figure 13 and Figure 23 show the damage to the granite panels and the broken windows 
near the top of the building at its southwest corner. Damage to spandrel granite panels is 
located between column lines 14A and 15 and extends from floor 41 to floor 46. Damage 
to wall pier panels is along column line 15 on the same floors. Damage to glass panels 
extends farther north along the west elevation up to the fourth window (between column 
lines 11 and 12) from the building’s southwest corner, which is broken on the 41st and 
44th floors. The lowest broken window in this area of damage is located at floor 38 as 
shown in Figure 23. 

Figure 13 also shows damage to granite panels at floors 25 and 26 at the building’s 
southwest corner. Figure 14 shows damage to granite panels further down the southwest 
corner of the building, at floors 16 through 20. 

A major area of impact damage on the west elevation is located further down the 
building’s southwest corner from floor 18 to ground floor, except for the 5th floor, as 
shown in Figure 24 through Figure 28. Damage to spandrel and wall pier granite panels 
in this area extends up to three bays from column line 15 at the southwest corner up to 
column line 13 on floors 9 through 14. Damage to glass panels extends farther north 
along the west elevation up to the sixth window from the southwest corner (at column line 
9). Damage to granite panels between the fourth floor and the ground floor on the west 
elevation is shown in Figure 26 and Figure 27. These also show the broken large glass 
panels at the third and fourth floors located from the middle of the west elevation to near 
the northwest corner of the building.  

Figure 13, Figure 14, and Figure 23 through Figure 28 were used to identify damage to 
windows on the west elevation. Generally, the broken windows identify themselves by 
allowing the observer to see behind the broken glass and peer into the building where the 
finishes and contents become visible and reflect sunlight in shades of white. The broken 
windows of the west elevation are illustrated in Figure 29 and also listed in Table 5 by 
their number as counted from the building’s southwest corner. Our best estimate of 
window damage includes only that resulting from debris impacts earlier in the day. We 
did not include in in Figure 29 or Table 5 windows that were broken later in the day due to 
the ensuing fires in the building. 
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Figure 23: Impact damage to southwest corner at upper floors – view from the west 
(cropped from PANYNJ9043464). 
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Figure 24: Impact damage to southwest corner at lower floors – view from the 
northwest (cropped from PANYNJ9009333 with overlays). 
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Figure 25: Impact damage to southwest corner at lower floors – view from the 
northwest (cropped from PANYNJ9009334 with overlays). 
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Figure 26: Impact damage to west elevation lower floors – view from the northwest 
looking south on Washington Street (cropped from CONED0365487). 
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Figure 27: Impact damage to west elevation lower floors (Cropped from Figure 26). 
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Figure 28: West elevation impact damage (cropped from PANYNJ9010094) with 
overlays. 
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Table 3: Damage to West Elevation Granite Wall Pier Panels due to Debris Impact. 

Story 
Number 

Granite Panel on 
Column Line 

Visual Material 
Bates Number or Source 

46 15 PANYNJ9043463, PANYNJ9043464 
45 15 PANYNJ9043463, PANYNJ9043464 
44 15 PANYNJ9043463, PANYNJ9043464 
43 15 PANYNJ9043463, PANYNJ9043464 
42 15 PANYNJ9043463, PANYNJ9043464 
41 15 PANYNJ9043463, PANYNJ9043464 
25 15 PANYNJ9009333, PANYNJ9043463 
18 15 PANYNJ9009334 
17 15 PANYNJ9009333, PANYNJ9009334 
16 15 PANYNJ9009333, PANYNJ9009334 
15 15 PANYNJ9009333, PANYNJ9009334 
14 15 PANYNJ9009333, PANYNJ9009334 
14 14 PANYNJ9009333, PANYNJ9009334 
13 15 PANYNJ9009333, PANYNJ9009334 
13 14 PANYNJ9009333, PANYNJ9009334 
12 15 PANYNJ9009333, PANYNJ9009334 
12 14 PANYNJ9009333, PANYNJ9009334 
11 15 PANYNJ9009333 
11 14 PANYNJ9009333, PANYNJ9009334 
10 15 PANYNJ9009333 
10 14 PANYNJ9009333 
9 15 PANYNJ9009333 
9 14 PANYNJ9009333 
8 15 PANYNJ9009333 
8 14 PANYNJ9009333 
7 15 PANYNJ9009333 
4 14A-15 CONED0365487 
4 14-14A CONED0365487 
3 14A-15 CONED0365487 
3 14-14A CONED0365487 
3 10-11 CONED0365487 
3 9-10 CONED0365487 
2 14A-15 CONED0365487 
2 14-14A CONED0365487 
2 13-14 CONED0365487 
2 12-13 CONED0365487 
2 11-12 CONED0365487 
2 10-11 CONED0365487 
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Story 
Number 

Granite Panel on 
Column Line 

Visual Material 
Bates Number or Source 

2 9-10 CONED0365487 
1 14A-15 CONED0365487 
1 14-14A CONED0365487 
1 13-14 CONED0365487 
1 12-13 CONED0365487 
1 11-12 CONED0365487 
1 10-11 CONED0365487 
1 9-10 CONED0365487 

 

 

Table 4: Damage to West Elevation Granite Spandrel Panels due to Debris Impact. 

Floor  
Level 

Column-to-Column 
Numbers 

Visual Material 
Bates Number or Source 

46 14A-15 PANYNJ9043463, PANYNJ9043464 
45 14A-15 PANYNJ9043463, PANYNJ9043464 
44 14A-15 PANYNJ9043463, PANYNJ9043464 
43 14A-15 PANYNJ9043463, PANYNJ9043464 
42 14A-15 PANYNJ9043463, PANYNJ9043464 
26 14A-15 PANYNJ9009333, PANYNJ9009334, PANYNJ9043463 
25 14A-15 PANYNJ9043463 
18 14A-15 PANYNJ9009334 
17 14A-15 PANYNJ9009333, PANYNJ9009334 
16 14A-15 PANYNJ9009333, PANYNJ9009334 
15 14-14A PANYNJ9009333, PANYNJ9009334 
15 14A-15 PANYNJ9009333, PANYNJ9009334 
14 13-14 PANYNJ9009333, PANYNJ9009334 
14 14-14A PANYNJ9009333, PANYNJ9009334 
14 14A-15 PANYNJ9009333, PANYNJ9009334 
13 13-14 PANYNJ9009333, PANYNJ9009334 
13 14-14A PANYNJ9009333, PANYNJ9009334 
13 14A-15 PANYNJ9009333, PANYNJ9009334 
12 13-14 PANYNJ9009333, PANYNJ9009334 
12 14-14A PANYNJ9009333, PANYNJ9009334 
12 14A-15 PANYNJ9009333, PANYNJ9009334 
11 13-14 PANYNJ9009333, PANYNJ9009334 
11 14-14A PANYNJ9009333, PANYNJ9009334 
11 14A-15 PANYNJ9009333 
10 13-14 PANYNJ9009333 
10 14-14A PANYNJ9009333 
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Floor  
Level 

Column-to-Column 
Numbers 

Visual Material 
Bates Number or Source 

10 14A-15 PANYNJ9009333 
9 13-14 PANYNJ9009333 
9 14-14A PANYNJ9009333 
9 14A-15 PANYNJ9009333 
8 14A-15 PANYNJ9009333 
7 14-14A PANYNJ9009333 
7 14A-15 PANYNJ9009333 
6 14-14A CONED0365487 
6 14A-15 CONED0365487 
4 14-14A CONED0365487 
4 14A-15 CONED0365487 
3 9-10 CONED0365487 
3 10-11 CONED0365487 
3 14-14A CONED0365487 
3 14A-15 CONED0365487 
2 9-10 CONED0365487 
2 10-11 CONED0365487 
2 11-12 CONED0365487 
2 12-13 CONED0365487 
2 13-14 CONED0365487 
2 14-14A CONED0365487 
2 14A-15 CONED0365487 

 

  

Weidlinger Associates Inc. 

October 15, 2010   B -44 



  WTC 7 
Collapse analysis and assessment 

Table 5: West Elevation Broken Windows due to Debris Impact. 

Story 
Number 

Window Number 
 from the South 

Visual Material  
Bates Number or Source 

46 1 PANYNJ9043463, PANYNJ9043464 
45 1 PANYNJ9043463, PANYNJ9043464 
45 2 PANYNJ9043463 
44 1 PANYNJ9043463, PANYNJ9043464 
44 2 PANYNJ9043463 
44 4 PANYNJ9043463 
42 1 PANYNJ9043463, PANYNJ9043464 
41 1 PANYNJ9043463, PANYNJ9043464 
41 4 PANYNJ9043463 
40 1 PANYNJ9043463, PANYNJ9043464 
38 1 PANYNJ9043463, PANYNJ9043464 
31 10 PANYNJ9009333, PANYNJ9009334, PANYNJ9043463 
28 6 PANYNJ9009333, PANYNJ9009334, PANYNJ9043463 
27 1 PANYNJ9043463 
25 2 PANYNJ9043463 
24 1 PANYNJ9043463 
23 3 PANYNJ9009334, PANYNJ9043463 
23 2 PANYNJ9009333, PANYNJ9009334, PANYNJ9043463 
22 12 PANYNJ9009333 
21 1 PANYNJ9009333, PANYNJ9009334 
21 2 PANYNJ9009334 
18 1 PANYNJ9009334 
18 7 PANYNJ9009334 
17 1 PANYNJ9009333, PANYNJ9009334 
17 8 PANYNJ9009333, PANYNJ9009334 
16 1 PANYNJ9009333, PANYNJ9009334 
16 2 PANYNJ9009334 
15 1 PANYNJ9009333, PANYNJ9009334 
15 2 PANYNJ9009334 
15 7 PANYNJ9009333 
14 1 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
14 2 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
14 3 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
14 4 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
14 13 PANYNJ9009333 
13 1 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
13 2 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
13 3 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
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Story 
Number 

Window Number 
 from the South 

Visual Material  
Bates Number or Source 

12 1 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
12 2 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
12 3 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
12 5 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
11 1 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
11 2 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
11 3 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
11 4 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
11 6 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
10 1 PANYNJ9009333, PANYNJ9010094 
10 2 PANYNJ9009333, PANYNJ9010094 
10 3 PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
10 4 PANYNJ9010094 
10 6 PANYNJ9010094 
9 1 PANYNJ9009333, PANYNJ9010094 
9 2 PANYNJ9009333, PANYNJ9010094 
9 3 PANYNJ9009333, PANYNJ9010094 
9 4 PANYNJ9010094 
9 5 PANYNJ9010094 
8 1 PANYNJ9009333, PANYNJ9010094 
8 2 PANYNJ9009333, PANYNJ9010094 
8 3 PANYNJ9010094 
8 4 PANYNJ9010094 
7 1 PANYNJ9009333 
7 2 PANYNJ9009333 
6 6 CONED0365487 
4 1 CONED0365487 
4 2 CONED0365487 
4 3 CONED0365487 
3 1 CONED0365487 
3 2 CONED0365487 
3 3 CONED0365487 
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Figure 29: West elevation architectural damage. 
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Roof: Debris impacts also caused damage to the roof of WTC 7 as seen in Figure 10 
through Figure 12, Figure 20, and Figure 30 through Figure 34.  

Figure 10, Figure 11, Figure 30 and Figure 31 show impact damage to the roof of the 
eastern penthouse. Damage appears like craters on at least two locations near the south 
edge of the penthouse roof. Roof damage also consists of broken portions of the parapet 
wall along the south edge of the building roof and a layer of dust on almost all 
architectural features on the rooftop as seen in Figure 30 and Figure 31. There is 
evidence of flying debris that piled up on rooftop and against the south wall of the 
bulkhead (the western and central portions of the penthouse) as seen in Figure 11, 
Figure 30 and Figure 31.  

Debris impacts caused severe damage to the south wall of the central penthouse as seen 
in Figure 12b, Figure 20, and Figure 32. 

Initial impact damage and accumulation of flying debris on rooftop triggered further 
cascading damage to the roof slab as evidenced by the black hole seen in Figure 33 and 
Figure 34. This damage shown in Figure 33 and Figure 34 appeared later in the day on 
September 11, 2001 and is not visible in Figure 30 and Figure 31, which were taken 
earlier on the same day. 
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Figure 30: Roof and penthouse damage (cropped from PANYNJ9009629). 
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Figure 31: Roof and penthouse damage (cropped from PANYNJ9009669). 
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Figure 32: Impact damage to south wall of penthouse (Cropped from 
PANYNJ9009648). 
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Figure 33: Roof damage (cropped from PANYNJ9009617). 
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Figure 34: Roof damage (cropped from PANYNJ9009761). 
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2.3. Identification of missing or damaged structural elements 
The extent and severity of the impact damage to WTC 7 structural elements resulting 
from the collapse of the twin towers is compiled below. That damage is considered in the 
global collapse analysis model described in Appendix D.  

As direct result of debris impact from the collapse of WTC 1, WTC 7 lost at least a third of 
the column lines on the south perimeter frame of the building. The impact damage 
extended into the building interior, tearing out significant portions of floor slabs over at 
least two thirds of the floors in the building. This extent and severity of structural damage 
exceeds that of any known event prior to September 11th, yet WTC 7 remained standing. 
Even though the building survived the extensive impact damage, this was merely the 
beginning of an extensive attack by fires under extraordinary circumstances.    

After Collapse of WTC 2 
The available visual material following the collapse of WTC 2 but prior to the collapse of 
WTC 1 indicates that the collapse of WTC 2 did not cause structural damage to WTC 7.  

After Collapse of WTC 1 
Photographic, video and eye-witness evidence all show that the collapse of WTC 1 
caused major structural damage to WTC 7 along the south and west perimeters of WTC 
7, on multiple floors and over multiple bays. Debris impacts also caused damage to the 
floor framing and slabs in the vicinity of the damaged perimeter framing and in areas that 
were supported by the perimeter framing.  

South Perimeter: Debris impact damage to the south perimeter structural system was 
severe and widespread, as seen in Figure 6 through Figure 21. These photographs and 
video stills, among others, were used to identify damage to the south elevation steel 
columns and girders. Severed or missing steel columns are identified by their story and 
column line locations in Table 6. Similarly, damaged or completely missing steel girders 
are listed in Table 7. The tables also list the source or the Bates number of the 
photographs that show the damage to the specific steel members. In Table 6 and Table 
7, steel members which were missing, severed or otherwise unable to support loads are 
labeled as “F” or fully damaged. Steel members which appeared to be in place but 
nevertheless were impacted based on observed severe damage to the curtain wall at the 
same location are labeled as “P” or partially damaged. Damages which could not be 
identified with a reasonable degree of specificity are noted as “I” for indeterminate 
damage. Assessment of debris impact damage to structural steel members on the south 
elevation is compiled in Figure 35, which shows full damage in red, partial damage in 
light blue, indeterminate damage in green, and areas obscured from view in purple. 

Damage to south perimeter curtain wall was described in Section 2.2. Damage to 
structural steel framing on the south elevation occurs at similar locations. Debris impacts 
caused the long gash on the south elevation as shown in Figure 6 through Figure 9. 
Impacts severed the perimeter girder between columns 19 and 20 over most of the upper 
half of the building above the belt truss, and caused partial damage to girders over the 
same bay and the adjacent bays at the uppermost floors near the roof. 

Debris impacts also damaged the structural steel column 15 at the southwest corner of 
the building between the 41st and the 44th floors, with the 44th story column sustaining full 
damage (Figure 13). 

Debris impacts damaged the structural steel column 15 further down the building at 
stories 7 through 17. Damage to perimeter columns and girders extends five bays east 
from column 15, between the 7th and the 15th stories. Some of this damage is deemed 
indeterminate at the 13th to 15th stories. Many of the columns and girders in this area of 
damage are completely missing, with others severely damaged (Figure 15 through Figure 
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18). Damage to structural framing in this general area does not appear to extend down to 
the belt truss at the 5th and 6th stories. 

Below the belt truss, there is evidence of missing structural steel columns and girders at 
the 2nd to 4th stories between columns 16 and 19. (Figure 20 and Figure 21). 

Areas not visible on the south elevation are marked in purple in Figure 35. These areas 
cover approximately half of the south elevation. It is likely that there is more damage to 
the south elevation than can be observed given the fact that every floor that is more than 
10% visible has areas of structural damage, most of which are “full damage” areas. 6 out 
of 14 (43%) column lines that are visible across over half the height of the south elevation 
are fully damaged. The other remaining 8 column lines are either not visible or visible 
over a narrow range of floors in the photographs. 
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Table 6: Structural Damage to South Elevation Columns due to Debris Impact. 

Story 
Number 

Column  
Number 

Damage 
Level 

Visual Material  
Bates Number or Source 

47 20 (P10) P ABC Video*, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
46 20 (P10) P ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
45 20 F NIST NCSTAR 1-9 v1 p212 
45 19 F ABC Video 
44 15 F ABC Video, PANYNJ9043463, PANYNJ9043464 
44 19 I ABC Video 
43 15 P ABC Video, PANYNJ9043463, PANYNJ9043464 
43 19 I ABC Video 
42 15 P ABC Video, PANYNJ9043463, PANYNJ9043464 
42 19 I ABC Video 
41 15 P ABC Video, PANYNJ9043463, PANYNJ9043464 
41 19 I ABC Video 
40 19 I ABC Video 
17 15 F PANYNJ9009334 
16 15 F PANYNJ9009333, PANYNJ9009334 
15 15 F PANYNJ9009333, PANYNJ9009334 
15 16 I CONED0365488 
15 17 I CONED0365488 
15 18 I CONED0365488 
15 19 I CONED0365488 
15 20 I CONED0365488 
14 15 F PANYNJ9009333, PANYNJ9009334 
14 16 I CONED0365488 
14 17 I CONED0365488 
14 18 I CONED0365488 
14 19 I CONED0365488 
14 20 I CONED0365488 
14 21 I CONED0365488, PANYNJ9042868 
13 15 F PANYNJ9009333, PANYNJ9009334 
13 16 I CONED0365488, PANYNJ9042868 
13 17 I CONED0365488, PANYNJ9042868 
13 18 I CONED0365488, PANYNJ9042868 
13 19 I CONED0365488, PANYNJ9042868 
12 15 F PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
12 16 F CONED0365488, PANYNJ9042868 
12 17 F CONED0365488, PANYNJ9042868 
12 18 F CONED0365488, PANYNJ9042868 
12 19 F CONED0365488, PANYNJ9042868 
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Story 
Number 

Column  
Number 

Damage 
Level 

Visual Material  
Bates Number or Source 

11 15 F PANYNJ9009333, PANYNJ9010094 
11 16 F PANYNJ9042868 
11 17 F PANYNJ9042868 
11 18 F PANYNJ9042868 
11 19 F PANYNJ9042868 
10 15 F PANYNJ9009333, PANYNJ9010094 
10 16 F PANYNJ9042868 
10 17 F PANYNJ9042868 
10 18 F PANYNJ9042868 
10 19 F PANYNJ9042868 
9 15 F PANYNJ9009333, PANYNJ9010094 
9 16 F PANYNJ9042868 
9 17 F PANYNJ9042868 
9 18 F PANYNJ9042868 
9 19 F PANYNJ9042868 
8 15 F PANYNJ9009333 + eyewitness account 
8 16 F PANYNJ9042868 
8 17 F PANYNJ9042868 
8 18 F PANYNJ9042868 
8 19 F PANYNJ9042868 
7 15 P PANYNJ9009333 
7 16 I PANYNJ9042868 
7 17 F PANYNJ9042868 
7 18 F PANYNJ9042868 
7 19 F PANYNJ9042868 
4 17 F PANYNJ9009648 
4 18 F PANYNJ9009648 
3 17 F PANYNJ9009648 
3 18 F PANYNJ9009648 
2 17 F PANYNJ9009648 
2 18 F PANYNJ9009648 

F: Full Damage, I: Indeterminate Damage, P: Partial Damage 

* ABC Video: WABC News Live Coverage on 9/11 
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Table 7: Structural Damage to South Elevation Girders due to Debris Impact. 

Floor 
Number 

Column-to-
Column Numbers 

Damage 
Level 

Visual Material  
Bates Number or Source 

R 19-20 P ABC Video*, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
R 20-21 P ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
47 19-20 P ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
47 20-21 P ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
46 18-19 P ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
46 19-20 F ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
46 19-21 F ABC Video, PANYNJ9009664, NIST NCSTAR 1-9 v1 p212 
45 18-19 F ABC Video, NIST NCSTAR 1-9 v1 p212 
45 19-20 F ABC Video, NIST NCSTAR 1-9 v1 p212 
44 18-19 I ABC Video 
44 19-20 F ABC Video 
43 15-16 F ABC Video, PANYNJ9043463 
43 18-19 I ABC Video 
43 19-20 I ABC Video 
42 18-19 I ABC Video 
42 19-20 I ABC Video 
41 18-19 I ABC Video 
41 19-20 I ABC Video 
40 18-19 I ABC Video 
40 19-20 F ABC Video 
39 19-20 F ABC Video 
38 19-20 F ABC Video 
37 19-20 F ABC Video 
36 19-20 F ABC Video 
35 19-20 F ABC Video 
34 19-20 F ABC Video 
33 19-20 F ABC Video 
32 19-20 F ABC Video 
31 19-20 F ABC Video, PANYNJ9009337 
30 19-20 F ABC Video, PANYNJ9009337 
29 19-20 F ABC Video, PANYNJ9009337 
28 19-20 F ABC Video, PANYNJ9009337 
27 19-20 F ABC Video 
26 19-20 F ABC Video 
25 19-20 F ABC Video 
15 15-16 F CONED0365488 
15 16-17 I CONED0365488 
15 17-18 I CONED0365488 
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Floor 
Number 

Column-to-
Column Numbers 

Damage 
Level 

Visual Material  
Bates Number or Source 

15 18-19 I CONED0365488 
15 19-20 I CONED0365488 
15 20-21 I CONED0365488 
14 15-16 F CONED0365488 
14 16-17 I CONED0365488 
14 17-18 I CONED0365488 
14 18-19 I CONED0365488 
14 19-20 I CONED0365488 
13 15-16 F By deduction: Beam not supported by column at line 15. 
13 16-17 F CONED0365488, PANYNJ9042868 
13 17-18 F CONED0365488, PANYNJ9042868 
13 18-19 F CONED0365488, PANYNJ9042868 
13 19-20 F CONED0365488, PANYNJ9042868 
12 15-16 F By deduction: Beam not supported by column at line 15. 
12 16-17 F PANYNJ9042868 
12 17-18 F PANYNJ9042868 
12 18-19 F PANYNJ9042868 
12 19-20 F PANYNJ9042868 
11 15-16 F By deduction: Beam not supported by column at line 15. 
11 16-17 F PANYNJ9042868 
11 17-18 F PANYNJ9042868 
11 18-19 F PANYNJ9042868 
11 19-20 F PANYNJ9042868 
10 15-16 F By deduction: Beam not supported by column at line 15. 
10 16-17 F PANYNJ9042868 
10 17-18 F PANYNJ9042868 
10 18-19 F PANYNJ9042868 
10 19-20 F PANYNJ9042868 
9 15-16 F By deduction: Beam not supported by column at line 15. 
9 16-17 F PANYNJ9042868 
9 17-18 F PANYNJ9042868 
9 18-19 F PANYNJ9042868 
9 19-20 F PANYNJ9042868 
8 15-16 I PANYNJ9042868 
8 16-17 F PANYNJ9042868 
8 17-18 F PANYNJ9042868 
8 18-19 F PANYNJ9042868 
8 19-20 I PANYNJ9042868 
7 15-16 I PANYNJ9042868 
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Floor 
Number 

Column-to-
Column Numbers 

Damage 
Level 

Visual Material  
Bates Number or Source 

4 16-17 F PANYNJ9009648 
4 17-18 F PANYNJ9009648 
4 18-19 F PANYNJ9009648 
3 16-17 F PANYNJ9009648 
3 17-18 F PANYNJ9009648 
3 18-19 F PANYNJ9009648 
2 17-18 F PANYNJ9009648 

F: Full Damage, I: Indeterminate Damage, P: Partial Damage 

* ABC Video: WABC News Live Coverage on 9/11 
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Figure 35: South elevation structural damage. 
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West Perimeter: Debris impact damage to the west perimeter structural system was 
severe, although not as widespread as the south perimeter (see Figure 13, Figure 14, 
and Figure 23 through Figure 28). These photographs, among others, were used to 
identify damage to the steel columns, girders, and braces, on the west elevation. Severed 
or missing steel columns are identified by their story and column line locations and are 
tabulated in Table 8. Similarly, the damaged or completely missing steel girders are listed 
in Table 9. The tables also list the source or the Bates number of the photographs that 
show the damage to the specific steel members. In Table 8 and Table 9, steel members 
which were missing or too damaged to support loads were labeled as “F” for fully 
damaged. Steel members which appeared to be in place but nevertheless were impacted 
based on observed severe damage to curtain wall at the same location were labeled as 
“P” for partially damaged. Assessment of debris impact damage to structural steel 
members on the west elevation is compiled in Figure 36. 

Debris impact damage to the structural steel column 15 occurs between floor 41 and 44, 
as well as further down the building at stories 7 through 17. The structural damage at 
floors 7 to 17 extends two bays north from column 15 at most of the stories, and three 
bays north at the 9th and the 10th stories. Some of this damage is deemed partial at the 
7th to 8th stories. Many of the columns and girders in this major area of damage at the 
southwest corner of the building are completely missing, with others severely damaged 
(Figure 24, Figure 25, and Figure 28). Damage to structural framing in this general area 
does not appear to extend down to the trussed west elevation between the 1st and the 6th 
stories. 
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Table 8: Structural Damage to West Elevation Columns due to Debris Impact. 

Story 
Number 

Column 
Number 

Damage 
Level 

Visual Material 
Bates Number or Source 

44 15 F PANYNJ9043463 
43 15 P PANYNJ9043463, PANYNJ9043464 
42 15 P PANYNJ9043463, PANYNJ9043464 
41 15 P PANYNJ9043463, PANYNJ9043464 
17 15 F PANYNJ9009334 
16 15 F PANYNJ9009333, PANYNJ9009334 
16 14A P PANYNJ9009333, PANYNJ9009334 
15 15 F PANYNJ9009333, PANYNJ9009334 
15 14A F PANYNJ9009333, PANYNJ9009334 
14 15 F PANYNJ9009333, PANYNJ9009334 
14 14A F PANYNJ9009333, PANYNJ9009334 
13 15 F PANYNJ9009333, PANYNJ9009334 
13 14A F PANYNJ9009333, PANYNJ9009334 
12 15 F PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
12 14A F PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
11 15 F PANYNJ9009333, PANYNJ9010094 
11 14A F PANYNJ9009333, PANYNJ9010094 
11 14 F PANYNJ9009333, PANYNJ9009334 
10 15 F PANYNJ9009333, PANYNJ9010094 
10 14A F PANYNJ9010094 
10 14 F PANYNJ9009333, PANYNJ9010094 
9 15 F PANYNJ9009333, PANYNJ9010094 
9 14A F PANYNJ9010094 
9 14 F PANYNJ9010094 
8 15 F PANYNJ9009333 
8 14A P PANYNJ9009333 
7 15 P PANYNJ9009333 

F: Full Damage, P: Partial Damage 
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Table 9: Structural Damage to West Elevation Girders due to Debris Impact. 

Floor 
Number 

Column-to-
Column Numbers 

Damage 
Level 

Visual Material  
Bates Number or Source 

17 14A-15 F PANYNJ9010094 
16 14A-15 F PANYNJ9009333, PANYNJ9009334 
15 14-14A F PANYNJ9009333, PANYNJ9009334 
15 14A-15 F PANYNJ9009333, PANYNJ9009334 
14 14-14A F PANYNJ9009333, PANYNJ9009334 
14 14A-15 F PANYNJ9009333, PANYNJ9009334 
13 14-14A F PANYNJ9009333, PANYNJ9009334 
13 14A-15 F PANYNJ9009333, PANYNJ9009334 
12 14-14A F PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
12 14A-15 F PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
11 13-14 F PANYNJ9009333, PANYNJ9009334 
11 14-14A F PANYNJ9009333, PANYNJ9009334, PANYNJ9010094 
11 14A-15 F PANYNJ9009333, PANYNJ9010094 
10 13-14 F PANYNJ9009333, PANYNJ9010094 
10 14-14A F PANYNJ9009333, PANYNJ9010094 
10 14A-15 F PANYNJ9009333, PANYNJ9010094 
9 13-14 F PANYNJ9010094 
9 14-14A F PANYNJ9010094 
9 14A-15 F PANYNJ9010094 
8 14A-15 P PANYNJ9009333 

F: Full Damage, P: Partial Damage 
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Figure 36: West elevation structural damage. 
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Roof: Damage to components of roof and penthouse is described in Section 2.2 and 
seen in Figure 10 through Figure 12, Figure 20, and Figure 30 through Figure 34. Debris 
impacts to the roof and south elevation walls of the penthouse were severe enough to 
cause damage to the steel roof framing beams as well as the braces in the walls of the 
penthouse.  

As for the roof of the building itself, it appears that it did not sustain structural damage 
immediately after the collapse of WTC 1, as seen in Figure 30 and Figure 31. However, 
some time after the collapse of WTC 1, a portion of the roof slab and framing appears to 
have caved in, as indicated in Figure 33 and Figure 34. It is conceivable that this damage 
was caused by the accumulation of WTC 1 debris on the roof which ended up being too 
heavy for the roof framing to support. It is also possible that the roof caved in due to the 
long gash on the south elevation of the building; impact damage to the sloping south 
perimeter columns at floors 46 and 47 may have triggered the collapse of the roof 
framing located above the sloping columns. 

Interiors: Considering the severity and extent of debris impact damage to the structural 
steel framing along the perimeter of WTC 7, damage to the interior steel floor framing and 
concrete slabs is inevitable. The connectivity of the interior floor framing to the perimeter 
moment frame is such that the loss of the perimeter girders would result in the loss of the 
floor beams which span orthogonally to the supporting girders between the perimeter and 
the core. Representative damage to the building’s interior floor structure is illustrated 
using plots from our FLEX analysis model as shown in Figure 37 through Figure 51. The 
estimated damage is shown inside the red circles in these figures which mark the likely 
collapsed portions of floor slab and framing at the floors which have direct impact 
damage at the perimeter. It should be noted that it is indeterminate, yet likely, that 
sections of interior floors directly underneath the multiple floors that were impacted also 
sustained damage due to the cascading debris from floors above. However, without 
determinate information to identify the extent and severity of this, we did not include such 
additional damage in our analysis of the structure. 

The structural damage identified in this section for the perimeter frame (Figure 35 and 
Figure 36) and the interior floor framing and slab (Figure 37 through Figure 51) was 
incorporated into the FLEX global collapse analysis model described in Appendix D. We 
did not include in our analysis model structural damages which were identified as partial 
or indeterminate.  
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Figure 37: Structural impact damage at floor 2. 
(Red circle shows damaged/missing area of floor slab and framing.) 

 

 

Figure 38: Structural impact damage at floor 3. 
(Red circle shows damaged/missing area of floor slab and framing.) 
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Figure 39: Structural impact damage at floor 8. 
(Red circle shows damaged/missing area of floor slab and framing.) 

 

 

Figure 40: Structural impact damage at floor 9. 
(Red circle shows damaged/missing area of floor slab and framing.) 
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Figure 41: Structural impact damage at floor 10. 
(Red circle shows damaged/missing area of floor slab and framing.) 

 

 

Figure 42: Structural impact damage at floor 11. 
(Red circle shows damaged/missing area of floor slab and framing.) 
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Figure 43: Structural impact damage at floor 12. 
(Red circle shows damaged/missing area of floor slab and framing.) 

 

 

Figure 44: Structural impact damage at floor 13. 
(Red circle shows damaged/missing area of floor slab and framing.) 
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Figure 45: Structural impact damage at floor 14. 
(Red circle shows damaged/missing area of floor slab and framing.) 

 

 

Figure 46: Structural impact damage at floor 15. 
(Red circle shows damaged/missing area of floor slab and framing.) 
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Figure 47: Structural impact damage at floor 16. 
(Red circle shows damaged/missing area of floor slab and framing.) 

 

 

Figure 48: Structural impact damage at floor 17. 
(Red circle shows damaged/missing area of floor slab and framing.) 
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Figure 49: Structural impact damage at floor 25, which is similar to structural 
impact damage on floors 26-40, and 44.  
(Red circle shows damaged/missing area of floor slab and framing.) 

 

 

Figure 50: Structural impact damage at floor 45. 
(Red circle shows damaged/missing area of floor slab and framing.) 
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Figure 51: Structural impact damage at floor 46. 
(Red circle shows damaged/missing area of floor slab and framing.) 

2.4. Assessment of the effects of the impact damage 
In order to assess the state of the structure after the impact of debris from WTC 1, we 
created a detailed finite element model of the entire structure (shown in Figure 52).  This 
model, referred to as the “global collapse model,” is described Appendix D. 

Despite extensive impact damage, the structure remained stable.  Figure 53 and Figure 
54 show the vertical deflections induced by gravity at the south and west perimeter 
framing before and after the structure is damaged by debris from WTC 1.  Comparing the 
two images demonstrates that the crater in the southwest corner causes structural 
displacements above to increase only by about 1”.  Given the size of the overall structure, 
such a displacement is so small as to be imperceptible to the eye. 

This stability is made possible due to the robust moment frame and belt truss at the 
building perimeter.  The frame and truss effectively redistribute loads once carried by the 
damaged columns to adjacent, intact columns.  Evidence of load redistribution can be 
seen most directly by viewing the change in column base reactions that results from the 
debris damage.  This is shown in Figure 55.  The reduction in base reactions at columns 
15-19 and the indicated core columns reflects the loss of structure above these columns.  
The increase in base reactions at columns 1, 10, 12, and 20-22 indicates that these 
columns now carry some of the load once carried by the damaged columns.   

The effects of load redistribution are also visible in the internal stresses of the perimeter 
frame members.  As an example, Figure 56 shows the stresses in beams between 
columns 19 and 20, just above the crater in the southwest corner.  The stresses show 
these beams to be bending in double-curvature.  This is indicative of moment frame 
behavior.  As shown in Figure 57, such behavior is not seen in the undamaged structure.  
Its appearance reflects a fundamental change in the manner in which the structure 
functions.  Once again, the ability of the structure to accommodate extreme changes to 
the system such as that inflicted by the debris damage is an indication of its inherently 
robust design.  
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Figure 52: Analytical model of the entire building including initial damage from the 
collapse of WTC 1. Different colors depict different grades of structural steel. (The 
red color-coded steel is predominantly interior members; the blue is predominantly 
exterior members.) 
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Figure 53: Static vertical displacements in the undamaged structure. 
Displacements at the top of column 15 are just under 1”. 
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Figure 54: Static vertical displacements after damage from WTC 1 debris.  
Displacements along the height of column 15 are about 1” greater than those in the 
undamaged structure (Figure 53.) 
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Figure 55: Increase/decrease in column base reactions due to impact damage.  The 
load variations are shown in kips (k).  Base reactions decrease at columns 15-19 
and several core columns due to the loss of structure above.  Base reactions at 
columns 1, 10, 12, and 20-22 increase due to load redistribution. 
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Figure 56: Beam element axial stresses in the damaged structure.  The axial 
component of total stress is shown in the web and each of the flanges.  Stresses in 
beams directly above the crater in the southwest corner indicate double-curvature 
bending, particularly in the beams between columns 19 and 20.  This is indicative 
of moment frame action. 
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Figure 57: Beam element axial stresses in the undamaged structure.  The axial 
component of total stress is shown in the web and each of the flanges.  In the 
undamaged structure, beam stresses are significantly lower.  In contrast to the 
damaged structure (Figure 56,) there is no sign of moment frame action. 
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3. FIRE-INDUCED FAILURE INITIATION 
In order to accurately model structural failure initiation, we analyzed the east portion of a 
WTC 7 floor plate, typical of floors 8, 9 and 10. The model used in this analysis is 
described in more detail as the “failure initiation model” in Appendix D.   The results of 
this analysis are presented in this section and illustrate the following behaviors: 

1. Initiation of structural failure occurred as a result of excessive steel 
temperatures, which degrades the strength and stiffness of the framing and 
connections and result in very large movements of the floor. 
 

2. When failure does initiate, it occurs in the connections. Failure of multiple 
connections is needed in order for substantial collapse to occur.  
 

3. The typical floor connections include seated, header, fin plate, knife and seated 
web clip connections. All of the connection types would have been severely 
challenged by the fire environment that they were exposed to on September 
11th. 

 
4. Our analysis is based on the most likely fire scenario described by Dr. Beyler 

[Beyler, 2010] and a highly detailed analytical approach that is capable of 
representing the critical behaviors of the structure under this extreme 
environment. Given the severe fire environment and the complexity of the 
structural response, it may not be possible to identify with absolute certainty 
which specific bolt or weld failed first on September 11th, but clear failure 
mechanisms and hierarchies can be established to a high degree of likelihood.  
The failure mechanisms that we have observed in this analysis are described in 
more detail below: 

 
a. Failure initiates in the ordinary secondary beam finplate connection 

immediately to the south of column 80 after 4.5 hours of continual 
heating.  Failure occurs as a result of the combined effects of thermal 
degradation of the connection strength along with the increased tension 
and rotation demands that are placed on the connection as the 
secondary beam sags.   
 

b. Failure of this finplate connection causes this beam to descend and 
load is distributed, via the slab, to the north and south of it, causing the 
floor in this area to sag further. This triggers failure in the already 
distressed knife connections at the north of column 80 and the east of 
column 81.  

 
c. Failure of the knife connection on the north side of column 80 triggers 

the descent of girder 79-80, which triggers additional finplate connection 
failures to the north and additional sagging to the south as the floor 
continues to fall.   

 
d. As the slab falls, it pulls the already weakened knife connection on the 

north of column 81 away from the column, triggering the descent of 
girder 80-81. This triggers the descent of girder 80-81, and the entire 
floorplate to the east between columns 79 and 81 is mobilized.  

 
e. As this piece of floor descends, it pulls the girder south of column 81 off 

its seat which triggers descent of the rest of the east portion of the floor 
to the south of column 81.  
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f. Within 2 seconds after the first connection failure, a majority of the east 
floor plate collapses and impacts the floor below   

 
g. It bears noting that even with this widespread propagation of connection 

failures the single point of failure initiation proffered by the plaintiffs’ 
experts -- girder unseating at column 79 -- occurs very late in the 
process. This is because the secondary beam finplate connections 
framing into this girder fail before the girder can be pulled off the seat. 
These connection failures occur as a result of the combined effects of 
thermal degradation of the connection strength along with the increased 
tension and rotation demands that occur as the secondary beam sags.  

 
These behaviors are described in more detail in the following sections but it is important 
to note that there is no weak link or singular cause for collapse. Our analyses show that 
all connections in the eastern region of the 10th floor reach a structurally weakened 
condition in and about the same time, and that these would fail collectively, irrespective of 
which goes first. 

 

3.1. Thermal loads on structural elements 
Fire affects the building structure in two ways: (1) thermal expansion and (2)the 
degradation of material strength and stiffness with increasing temperature. While these 
characteristics are described in more detail our Appendix D, the steel and concrete 
temperatures that drive these behaviors change over the floor area as the fire evolves. 
Dr. Beyler’s report [Beyler, 2010] describes the fires that were witnessed on the day of 
the collapse and details how the temperature of each structural element in the area of 
interest was calculated based on the conditions and available fuel. Those calculations 
illustrate that the temperature of a given structural element varies not only temporally but 
also spatially -- i.e. the top flange is typically cooler than the bottom flange due to heat-
sink effects of the slab. 

Both the spatial and temporal variation of temperature is represented in the failure 
initiation analysis. The calculated temperatures described by Dr. Beyler were applied 
independently to each beam top flange, bottom flange, and web. Figure 58 shows the 
evolution of temperature changes around the floor plate around the east side of the 
building leading up to failure initiation 4.5 hours after fire first begins to spread on the 10th 
floor.  

The temperatures of the connections were calculated by group as described by Dr. 
Beyler [Beyler, 2010]. From these analyses, we calculated average connection 
temperatures and we applied these temperatures to the failure initiation model as a 
function of the temperature of the bolted component. More specifically: 

• Fin plate and seated web clip connection temperatures achieve 95% of the 
temperature of the web of the connected secondary beam; 

• Knife and header connection temperatures at columns achieve 50% of 
temperature of the connected girder web; 

• Seated connection temperatures at columns achieve 50% of temperature of the 
connected girder flanges (top clip and bottom seat are heated independently).
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0hour fire exposure 

 
2hour fire exposure 

 
4hour fire exposure 

 
1hour fire expose 

 
3hour fire exposure 

 
4.5hour fire exposure 

Figure 58: Steel temperatures (degrees C) on east portion of floor leading up to 
failure initiation. 

3.2. Structural response to thermal loads 
After we applied the static service loads (see Appendix D), we then applied the thermal 
loads to the model as described above. This results in the evolving deformation of the 
floor as the fire travels around the floor. The fire originates at a location removed from the 
area of collapse initiation; however, pre-heating of the structure here occurs before the 
fire becomes fully evolved at this location. The fire first arrives at the realm of the model 
in the vicinity of column 76; about 3 hours after the fire first begins to spread on the floor 
below, and the deformations begin to increase dramatically thereafter. The evolution of 
deformation of the floor leading up to failure initiation, shown in Figure 59, shows that 
floor deflections exceed 40”, 4.5 hours into the fire. After that time, connection failures 
occur; the subsequent response of the structure is described below in Section 3.3. 
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Figure 59: Vertical deflections (inches) on east portion of floor leading up to failure 
initiation. 
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3.3. Fire-induced failure mechanisms  
Our model shows that failure initiates in the 6-bolt finplate connection that connects the 
secondary beam to girder 80-81 immediately to the south of column 80. This occurs after 
4.5 hours of continual heating where the secondary beam in question has achieved 
average temperatures of 420°C, 720°C, and 750°C in the top flange, web, and bottom 
flange, respectively. The temperature of the finplate connection is 680°C, at which point 
the bolts have degraded to less than 20% of their original shear strength and the 
connection is no longer able to carry the load [Yu, 2009]. Figure 60 illustrates that failure 
initiates at this location by identifying the localized peak in vertical velocity. Figure 61 
provides a closer view of the east portion of the model between column 80 and 81 and 
illustrates finplate failure south of column 80. 

There are a number of factors that influence why failure initiates at this location. 
Certainly, the high steel temperatures described above, along with the associated 
degradation of strength and stiffness are the principal factors.  The fact that this 
connection frames in to the girder at a distance that is closer to the column than other 
similarly heated beams nearby also plays a role. Because of this condition, the 
connection is more restrained from movement because the girder is more rigid at this 
location. As a result, more of the total deformation resulting from the sagging floor is 
localized in the bolts of this connection.  

 
Figure 60: Vertical velocity (in/msec) after 4.5hours of heating. Peak velocity at the 
secondary beam south of column 80 illustrates that failure initiates here.  
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Figure 61: Close-up view of the eastern floor region between columns 80 and 81. 
Finplate failure south of column 80 is evident. 

  

Weidlinger Associates Inc. 

October 15, 2010   B-86 

 



  WTC 7 
Collapse analysis and assessment 

Failure of this finplate connection causes this beam to descend, and load is shed, via the 
slab, to the north and south of it, causing the floor in this area to sag further. Within 0.2 
seconds after the first finplate failure, this triggers failure in the already-distressed knife 
connections at the north of column 80 and the east of column 81. This is evident in Figure 
62 and Figure 63. 

 
Figure 62: Vertical velocity (in/msec) 0.2 seconds after the first finplate connection 
failure. Peak velocities illustrate knife connection failures on the north face of 
column 80 and the east face of column 81. 

 
Figure 63: Close-up view of the eastern floor region between columns 80 and 81. 
Knife connection failures at column 80 and 81 are evident. 
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Failure of the knife connection on the north side of column 80 triggers the descent of 
girder 79-80, which also triggers additional finplate connection failures to the north and 
additional sagging to the south as the floor continues to fall. This is illustrated in Figure 64 
and Figure 65.  

 
Figure 64: Vertical velocity (in/msec) 0.65 seconds after the first finplate 
connection failure. Peak velocities illustrate knife connection failure on the south 
face of column 79 and finplate connection failures along girder 79-44. 

 
Figure 65: Close-up view of the eastern floor region between columns 79 and 80 
0.65 seconds after the first finplate connection failure. Knife and finplate 
connection failures around column 79 are evident. 
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As the slab falls, it pulls the already-weakened knife connection on the north of column 
81 away from the column; triggering the descent of girder 80-81. This triggers the 
descent of girder 80-81 and the entire floorplate to the east between columns 79 and 81 
moves downwards as shown in Figure 66 and Figure 67. 

 
Figure 66: Vertical velocity (in/msec) 0.7 seconds after the first finplate connection 
failure. Peak velocities illustrate knife connection failure on the north face of 
column 81. 

 
Figure 67: Close-up view of the eastern floor region between columns 80 and 81 
0.7 seconds after the first finplate connection failure. Knife connection failure on 
the north side of column 81 is evident. 

Weidlinger Associates Inc. 

October 15, 2010   B-89 

 



  WTC 7 
Collapse analysis and assessment 

As this piece of floor descends, it pulls the girder south of column 81 off its seat, which 
triggers descent of the rest of the east portion of the floor to the south of column 81, as 
shown in Figure 68 and Figure 69.  

 
Figure 68: Vertical velocity (in/msec) 0.85 seconds after the first finplate 
connection failure. Peak velocities illustrate girder unseating on the face of column 
81 has occurred. 

 
Figure 69: Close-up view of the south side of column 81; 0.85 seconds after the 
first finplate connection failure. Girder unseating is evident. 
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Within 2 seconds of the first connection failure, most of the east floorplate has collapsed 
and impacted the floor below. Figure 70 shows the model at this time and illustrates how 
widespread the extent of failure is. Additional illustration is provided in Figure 71 which 
provides the associated vertical displacements in inches. (Note that our analysis limits 
the vertical displacement to the distance to the floor below.) 

 
Figure 70: Extent of failure within 2 seconds after the first connection failure. 

 
Figure 71: Vertical displacement (inches) within 2 seconds after the first 
connection failure. 
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This analysis shows that most of the lateral restraint to columns 79, 80, and 81 has been 
lost by this stage in the collapse of the floor, since most of the central portion of the floor 
has collapsed along with most of the primary girders, though column 81 does remained 
framed by the girder to the west of the column. 

It bears noting that even with this widespread propagation of connection failures, the 
single point of failure initiation proffered by the plaintiffs’ experts -- girder unseating at 
column 79 -- occurs very late in this process. This is because the secondary beam 
finplate connections framing into this girder fail before the girder can be pulled off the 
seat. These connection failures occur as a result of the combined effects of thermal 
degradation of the connection strength along with the increased tension and rotation 
demands that are placed on the connection as the secondary beam sags.    

Our analysis demonstrates that there is no weak link or a singular cause of failure. If 
there were, a localized failure would have occurred much earlier than the failure of other 
connections. If that individual localized failure did result in collapse, the extent of the 
collapsed area would be limited to a relatively small area of the floor and would not 
trigger the widespread failure of the floorplate that is evidenced in this analysis. Rather, 
our analysis shows that all connections in the eastern region of the 10th floor reach a 
structurally weakened condition in and about the same time and that these fail 
collectively, resulting in widespread collapse of the floor. 
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4. FLOOR-TO-FLOOR IMPACT PROPAGATION 
Having investigated the mechanisms for failure initiation as described in Section 3, we 
expanded the failure initiation model to cover two floors in order to further evaluate the 
consequences of the observed connection failures that lead to widespread collapse of a 
single floor. Figure 72 illustrates the two-floor model that we used to interrogate these 
consequences. The upper floor is heated identically to the fire scenario described in 
Section 3 and, upon collapse, the upper floor impacts the lower floor based on a contact 
algorithm in the analysis model. The purpose of this model is to evaluate what conditions 
must be present at the lower impacted floor in order for the initial connection failure at the 
upper floor to trigger the failure and collapse of the floor below.  

 
Figure 72: 2-floor model. 

Given the widespread nature and long duration of the fire environment, it is possible that 
small variations on the initiation mechanism described previously could have triggered 
the collapse of a single floor. However, a fairly specific set of circumstances are required 
in order to collapse two floors and trigger a larger collapse of the building as a whole. The 
analyses presented in this section demonstrate the following behaviors: 

1. When the impacted floor is considered in its ordinary (ambient temperature) 
condition, it has sufficient capacity and robustness to arrest debris from a 
collapsing floor.  

2. As such, the fires that occurred in WTC 7 on September 11th were significant in 
that fire on at least two consecutive floors was needed in order for collapse to 
propagate vertically beyond the initiating floor.  

3. Collapse of one floor of WTC 7 onto the floor below does not trigger the collapse 
of the impacted floor unless it also has already been weakened by fire prior to 
impact. Observations on the day suggest that these circumstances were present 
at 9th and 10th floors (i.e., fires on the 8th and 9th floors).  
 

We conducted these analyses using the best analytical tool available (i.e. explicit non-
linear finite element analysis) for simulating this type of complex impact dynamics 
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problem. The results of our studies are conservative in that they over-estimate the 
severity of the impact; not because of this industry-standard analysis approach, but 
because the model does not account for the influence of any interior fit-out equipment, 
furniture, partitions, etc. that were not wholly consumed by fire. In actuality, the presence 
of these materials reduces the severity of impact by decreasing the impact velocity, 
distributing impact forces over wider areas, and absorbing impact energy. 

4.1. Impact onto undamaged 9th floor 
We used the two-floor model to evaluate the effects of fire on a single floor. In this 
scenario, the 10th floor structure is heated due to fire on the 9th floor, while the 9th floor 
structure (supporting the fire) remains unheated from below. Figure 73 shows the 
distribution of temperature on the upper and lower floors at the onset of connection failure 
4.5 hours after fire begins to spread on the 9th floor. Note that the 10th floor temperatures 
are identical to those described previously for the one floor model, while the lower floor is 
at constant ambient temperature. 
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Figure 73: Temperature distributions (degrees C) on the 10th floor (top) and 9th floor 
(bottom) at the onset of 10th floor connection failure when the lower floor is 
unheated. 10th floor temperatures are identical to the 1-floor temperatures 
presented in Figure 58. 

Figure 74 and Figure 75 provide snapshots of upper and lower floor displacements and 
vertical velocities, respectively, at intervals subsequent to the onset of connection failure. 
We observed that the initial contact between the two floors occurs at approximately 1.2 
seconds which is illustrated by the development of lower floor vertical velocity visible in 
Figure 75. As the collapse of the upper floor evolves, increasingly broader areas of the 
lower floor respond to the impact; however, the analysis shows that an unheated lower 
floor is capable of sustaining the impact, arresting the debris from the upper floor and 
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fully supporting the weight of the collapsed upper floor without triggering failure of the 
lower floor.  This is demonstrated by the lower floor’s return to negligible downward 
vertical velocities once the collapse of the upper floor has completed, 3.5 seconds after 
initial impact. 

 
Failure initiation 

+2.0 Seconds 

 
+1.2 Seconds 

 
+3.5 Seconds 

 

Figure 74: Vertical Displacement snapshots of 2-floor model. 
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Failure initiation 

+2.0 Seconds 

 
+1.2 Seconds 

 
+3.5 Seconds 

 

Figure 75: Vertical velocity (in/msec) snapshots of 2-floor model. 
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In addition to demonstrating the post-impact stability, we also used this model to 
interrogate and assess the severity of damage to the lower floor as a result of upper floor 
impact. We conducted this assessment for the lower floor members as well as at the 
connections that support them. 

Figure 76 shows the Von Mises stresses in the lower floor framing after the collapse of 
the upper floor has completed. It shows that the peak stresses (maximum of 30ksi) in the 
lower floor framing at the end of the impact are well below the yield strength of steel 
(minimum specified value of 50ksi). The extent and severity of plastic strain in the lower 
floor steel is provided in Figure 77; it shows only small areas of low-level localized 
yielding (typically less than 1%). 

 
Figure 76: Stresses in 9th floor framing after impact (ksi). Note that peak stresses 
are everywhere lower than the typical minimum specified yield strength of 50ksi. 
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Figure 77: Plastic strains in 9th floor framing after impact. Only very low levels of 
isolated plastic strain (typically less than 1%) are visible. 

The severity of damage to some of the connections is similarly non-existent. For 
instance, Figure 78 and Figure 79 show the deformation and plastic strains in the seated 
connections at column 79 and 81 and show no damage at these locations. 

 
Figure 78: Deformation and plastic strain at the seated connection at column 79 is 
not evident. 
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Figure 79: Deformation and plastic strain at the seated connection at column 81 
shows only low levels of damage (typically less than 1%). 

 
Figure 80: Plastic strain in the model in the region between column 80 and 81 on 
the 9th floor shows only low levels of damage (typically less than 1%.) 
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Further examination of deformations and plastic strains in the region of the model 
between column 79 and 81 (see Figure 80) shows that  some plastic strains are visible in 
the secondary beams along with the localized area in the finplate connections to the 
girders. Again, the magnitudes of these plastic strains (typically less that 1%) are very 
low.  

Taken in aggregate, figures Figure 74 through Figure 80 all show that not only is the 
lower floor able to sustain the impact of the upper floor, but that it experiences very little 
damage as a result of the impact. Even though the majority of the upper floor has 
collapsed on to the lower floor, the lower floor is relatively unaffected as long as it is in 
good condition prior to the impact. 

4.2. Impact onto fire-damaged 9th floor 
The results presented above are in dramatic contrast to the outcome of a scenario where 
both the upper and lower floors experience damage due to fire load. The basis for this 
analysis reflects the observations that fires on the 8th and 9th floors were burning in the 
region of the building around column line 79-81 prior to collapse. Our model 
demonstrates that the 10th floor (due to fire on the 9th) would have collapsed on to the 9th 
floor slab which was also damaged by the fire on the 8th floor. These fires are described 
in more detail by Dr. Beyler in his report [Beyler, 2010]. 

We analyzed this scenario using the same thermal fire environment described for the 1-
floor model in Section 3, which we applied to both the upper and lower floors. To reflect 
the fire environment on the day, the heating on the lower floor is delayed by 30 minutes. 
This allows the analysis results to represent a range of scenarios where 9th floor steel 
temperatures could have trailed the 10th floor temperatures anywhere from zero to 30 
minutes. Because this analysis shows that collapse propagates at 30 minutes, the result 
is the same for scenarios with shorter lags in phasing. The temperature profiles in the 
upper and lower floors at the onset of connection failure in this analysis are provided in 
Figure 81.   Although the peak temperatures of the 9th floor are lower than the 10th 

(reflecting that the fire has not yet arrived at the same point), considerable deformation of 
the floor has already occurred, as is seen in Figure 82.  

Figure 83 shows that, within 2 seconds of the first connection failure on the 10th floor, the 
10th floor has impacted the 9th and collapses most of it when the 9th floor is also damaged 
by fire. 
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Figure 81: Temperature profiles on the 9th and 10th floor framing at the onset of 
collapse of the 10th floor. 
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Figure 82: Vertical deflection (inches) of the 9th and 10th floor at the onset of 10th 
floor collapse. 
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+ 1.2 seconds after failure initiation 

 
+1.95 seconds after failure initiation 

Figure 83: Vertical velocity (in/msec) snapshots of 2-floor model with lower floor 
heated. Lower floor collapses due to the combined effects of fire damage and 
impact from collapse of the upper floor. 
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5. GLOBAL COLLAPSE PROPAGATION 
As described in Section 2, WTC 7 suffered extensive damage from the collapse of WTC 
1.  It then experienced floor collapses due to prolonged and near-simultaneous fires on 
consecutive floors.  Our analyses show that fires at floors 8 and 9 in particular triggered 
the likely failures at floors 9 and 10 above.  In order to study the propagation of failure 
beyond floors 9 and 10, we performed further analyses on the global collapse model, as 
described in Appendix D.  To this model, we imposed the connection failures identified in 
Sections 3 and 4.  We then observed and studied the failure propagation throughout the 
building. 

5.1. Downward Propagation 
As portions of floors 9 and 10 fall, they impact floor 8 below.  The combined weight and 
impact of the debris from these two floors creates large deformations in the floor 8 
framing, causing the connections supporting that framing to fail.  As the connections fail, 
the unsupported beams and slabs become part of the growing mass of falling debris.  
With ever-increasing mass and volume, the debris continues to fall, smashing through the 
floors below.  Figure 84 and Figure 85 demonstrate this downward progression of failure 
through the point at which debris first begins to impact floor 5. 

Figure 84 shows the eastern portion of the structure up to floor 10, viewed from the 
southeast.  It depicts the moments at which the falling debris impacts each of floors 8, 7, 
6, and 5 successively.  Collectively, this series of snapshots demonstrates the downward 
progression of the collapse.  In this stage, collapse is limited primarily to the east bay of 
framing, with limited failures in the south and north bays.  As the collapse progresses, 
lateral bracing is increasingly lost over the heights of columns 79, 80, and 81.  This loss 
of bracing is clearly seen by the exposure of those columns in the figure. 

Figure 85 depicts the same events viewed at the east elevation.  From this vantage, the 
vertical progression of cascading debris and subsequent accumulated connection failures 
are seen even more clearly.  In the final frame, floor 7 appears to effectively collect falling 
debris, shifting the wavefront of failure to the north.  This behavior reflects the atypical 
strength of the slab at floor 7.  The slab at this floor is 8” thick, in contrast to the 5.5” slabs 
specified on typical floors. 
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Figure 84: Downward progression of collapse.  These images show the eastern bay 
of the building up through floor 10, viewed from the southeast.  As the collapse 
progresses, lateral bracing at columns 79, 80, and 81 is increasingly lost. 
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Figure 85: Downward propagation of collapse.  These images show east elevations 
up through floor 11 of the building.  Perimeter framing and framing beyond 
columns 76-78 are not shown for clarity.   Each image depicts the approximate 
moment that the falling debris impacts each of floors 8, 7, 6, and 5. 

Figure 86 depicts the collapse at a time when the falling debris has caused multiple 
failures of floor framing connections at floor 8.  Details of these failures at this instant are 
shown in Figure 87.  Figure 87(a) shows the vertical displacements of the floor framing in 
plan view.  Figure 87(b) indicates the connections that have failed and their 
corresponding times of failure.  Figure 87(c) shows the types of each failed connection, 
while Figure 87(d) indicates the degrees of freedom that govern the connection failures.   

Viewed together, these images show that failure at this floor first begins with the collapse 
of the girder between columns 79 and 80.  The knife connections at both ends of this 
girder fail in major-axis rotation and the girder begins to fall.  The secondary beams 
framing into the east side of this girder remain connected; the west ends of these beams 
therefore fall with the girder.  Once the rotation of these beams becomes great enough, 
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the seated and header connections at the perimeter frame fail in major-axis rotation.  At 
this point, the entire assemblage becomes free-falling debris.  The beginnings of a similar 
failure pattern can also be seen between columns 80 and 81.  At the moment shown, 
both ends of that girder have failed in major-axis rotation. 

Figure 87 also shows additional failures underway.  At column 81, the seated connection 
of the girder at the south face of the column fails in vertical shear, while the knife 
connection of the beam on its east face fails in axial tension.  North of column 79, the fin 
plate connections of two secondary beams fail in major-axis rotation. 

Though this describes only early failures at a single floor, it is already clear that the debris 
impact is sufficient to induce various modes of failure in multiple connection types.  There 
is no single connection type that governs collapse propagation.  Figure 88 through Figure 
90 show the connection failures at floors 8 to 6 at the end of this stage.  Major-axis 
rotation is clearly the predominant mode of failure.  This is to be expected.  Under the 
direct impact and weight of debris, affected beams experience large bending 
deformations and correspondingly large end rotations that result in connection failure.  
Large end rotations also result when only one end of a beam becomes unsupported; as 
the free end falls, the beam rotates around its supported end until that connection 
inevitably fails. 

 
Figure 86: Downward propagation of collapse at time 2.2 s.  This image shows an 
east elevation up through floor 11 of the building.  Perimeter framing and framing 
beyond columns 76-78 are not shown for clarity.   At the time shown, falling debris 
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has resulted in the failures of multiple floor framing connections at floor 8.  These 
failures are shown in Figure 87. 

 
Figure 87: Floor 8 connection failures at simulation time 2.2 s.  Figure (a) shows 
the vertical displacements at floor 8.  The collapse of the girders between columns 
79-80 and 80-81 is clear.  Figure (b) shows the connections that have failed thus far 
and their times of failure.  Figure (c) indicates the type of each failed connection, 
and Figure (d) indicates the degree of freedom in which each connection failed. 
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Figure 88: Connection failures at floor 8 up to the end of this stage.  The left image 
shows the time of failure (in simulation time) of connections at floor 8.  The right 
image shows the degree of freedom governing the connection failure.  Only 
failures occurring before the end of this stage are shown. 

 

 
Figure 89: Connection failures at floor 7 up to the end of this stage.  The left image 
shows the time of failure (in simulation time) of connections at floor 7.  The right 
image shows the degree of freedom governing the connection failure.  Only 
failures occurring before the end of this stage are shown. 
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Figure 90: Connection failures at floor 6 up to the end of this stage.  The left image 
shows the time of failure (in simulation time) of connections at floor 6.  The right 
image shows the degree of freedom governing the connection failure.  Only 
failures occurring before the end of this stage are shown. 

Failure evolves in the manner described above throughout the remainder of this stage, as 
well as the rest of the simulation.  Table 10 summarizes key events in this stage.  Figure 
91 compares the collapse simulation to CBS Video of the actual collapse (CBS0000001.) 

 

Simulation 
Time 

(s) 

Time Relative 
to Initial Impact 

at Floor 8 

(s) 

Time Relative to 
East Penthouse 

Collapse 

(s) 

Event 

1.5 0.0 -3.7 Debris first begins to impact floor 8 

1.5 0.0 -3.7 First connection failure at floor 8 

2.0 0.5 -3.2 Debris first begins to impact floor 7 

2.2 0.7 -3.0 First connection failure at floor 7 

2.6 1.1 -2.6 Debris first begins to impact floor 6 

2.7 1.2 -2.5 First connection failure at floor 6 

3.2 1.7 -2.0 Debris first begins to impact floor 5 

Table 10: Key events occurring in this stage. 
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Figure 91: The extent and severity of collapse at the end of this stage is significant 
but not yet visible to the CBS camera (top).  From this vantage point, the area of 
collapse is obscured by buildings in the foreground (below).  Additionally, the 
collapse occurs within the footprint of the building and is hidden behind the 
building’s façade.  (The video still image is taken from CBS0000001.)  
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5.2. Column Buckling 
As debris from floors 10 through 6 fall throughout the previous stage, it strips away some 
of the lateral bracing at columns 79, 80, and 81.  Figure 92 demonstrates that columns 80 
and 81 have lost substantial bracing between floors 5 and 10 by the end of the downward 
propagation described previously.  During this next stage, yet more bracing between 
these floors is lost.  As a result, the columns become unstable and buckle. Figure 93 
shows the onset of buckling and the deformed columns after buckling . 

 
Figure 92: Extent of connection failures at columns 79, 80 and 81.   Lateral bracing 
provided by connections is shown at the end of the previous stage before the 
onset of column buckling (left), and after the columns have buckled (right) 1.3 
seconds later. 

 
Figure 93: East elevation of columns 79, 80 and 81 at the beginning (left) and end 
(right) of this stage showing the onset of column buckling. Resultant lateral 
displacements are shown here in inches.  
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Column 79 buckles during this stage as well.  The mechanism, however, is somewhat 
different. 

At the end of this stage, debris impacts floor 5 to the east of column 79.  Floor 5 is unique 
in the structure.  Embedded within its 14” thick slab is a diaphragm truss; its function is to 
distribute lateral loads from the perimeter moment frames above floor 5 to braced frames 
in the core below.  Framing into the west side of column 79 are two diaphragm truss 
members sized with weights of 43.5 and 76 pounds per linear foot (plf).  Framing into the 
east side are two substantially larger members sized at 115 and 139.5 plf.  As shown in 
Figure 94, these members are within the region of initial debris impact. 

Under the weight and impact of the debris, these larger members sag and deform in 
catenary action.  Given the size and strength of these members and their connections, 
these members are capable of withstanding large deformations before failing.  In the 
process, they introduce an eastward lateral pull on column 79.  Given the imbalance in 
both the debris load and diaphragm truss member capacities, this lateral pull is large 
enough to overcome the restraint provided by the smaller truss members on the west 
side of column 79.  Having already lost lateral bracing above floor 5, column 79 then 
buckles and fails under the influence of this lateral pull. 

The buckling of the column and the influence of the diaphragm truss can be seen in 
Figure 95.  This figure plots the resultant displacements of column 79 and floor 5.  
Markers indicate points of lateral restraint along the entire height of the column.  This 
series of images reflects the impact of debris in the vertical displacements in the floor 
slab.  Lateral displacements in column 79 indicate buckling.  The floor truss members 
and their behavior under impact are also visible.   

Though the diaphragm truss influences the timing and nature of buckling at column 79, it 
is important to note that its role in both buckling and subsequent collapse is not vital.  
First, the diaphragm truss plays no role in the buckling of columns 80 and 81.  These 
columns exhibit the onset of buckling before any significant amount of debris has 
impacted floor 5 in their immediate vicinity.  In fact, the diaphragm truss actually provides 
functional bracing at the bottom of these columns’ unbraced lengths.  
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Figure 94: An excerpt from structural drawing S-5A shows the diaphragm truss at 
floor 5.  Two smaller truss members, highlighted in blue, frame into the west side 
of column 79, while two substantially larger members, highlighted in yellow, frame 
into the east side of the column.  Debris initially impacts floor 5 to the east of 
column 79, over the larger truss members. 
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Figure 95: Buckling of column 79.  This sequence of images shows resultant 
displacements (in inches) of floor 5 and column 79 under debris loads.  The debris 
is not shown for clarity.  As the vertical deflections of the floor slab increase under 
the debris load, the diaphragm truss members are seen to pull column 79 to the 
east. 

Weidlinger Associates Inc. 

October 15, 2010   B-116 

 



  WTC 7 
Collapse analysis and assessment 

Table 11 summarizes key events in this stage.  Figure 96 compares the collapse 
simulation to the CBS Video in. 

 

Simulation 
Time 

(s) 

Time Relative to 
Initial Impact at 

Floor 8 

 (s) 

Time Relative to 
East Penthouse 

Collapse 

(s) 

Event 

3.4 1.9 -1.8 Column 80 begins to fail. 

3.6 2.1 -1.6 Heavy debris begins to significantly 
deform and damage floor 5. 

4.0 2.5 -1.2 Column 79 begins to fail. 

4.5 3.0 -0.7 Column 81 begins to fail. 

4.7 3.2 -0.5 Column 77 begins to fail. 

Table 11: Key events occurring in this stage. 
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Figure 96: The extent and severity of collapse at the end of this stage is significant 
but not yet visible to the CBS camera (top).  From this vantage point, the area of 
collapse is obscured by buildings in the foreground (below).  (The video still image 
is taken from CBS0000001.) 
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5.3. Upward Propagation 
Once columns 79, 80, and 81 buckle, all floor framing once supported by these columns 
begins to fall.  Failure thus propagates upward to the top of the building virtually 
instantaneously, manifesting itself with the visible collapse of the east penthouse.  Figure 
97 presents the south elevation of the building in a series of snapshots throughout this 
stage.  The first image shows the buckling of columns 79-81 that began in the previous 
stage.  Less than two seconds after the onset of buckling, all framing supported by the 
entire heights of columns 79-81 can be seen to have begun descending and a dip in the 
penthouse roofline is visible.  Within the next two seconds, the entire east penthouse 
descends below the roofline.  These images also show that throughout this stage, 
collapse remains limited to the eastern side of the building. 

Figure 98 shows a similar series of images, but of the east elevation.  In addition to 
showing the rapid upward progression, they show that collapse extends the entire width 
of the building, from the south to north perimeters.  Both Figure 97 and Figure 98 show 
that the upward propagation of collapse releases a tremendous amount of debris that 
rains down the entire height of the building. 

Throughout this stage, the events described in previous stages continue to play out.  
Collapse continues to propagate downward, and the damage and debris associated with 
that collapse causes additional columns to buckle.  In particular, debris released from 
floor 7 as part of the downward propagation impacts the east diagonal of Truss 2 (Figure 
99a and Figure 99b).  Though this damages the diagonal, the deformations are not 
significant enough for it to fail.  Once column 80 buckles, however, an additional 37 floors 
of debris are released from floors 11 and above (Figure 99c).  This additional debris 
impacts the damaged truss diagonal, causing it to fail (Figure 99d), and columns 77 and 
78 fail in turn.  All framing supported by these two columns then becomes unsupported.  
Collapse thus propagates upwards around these columns.  The deformation of Truss 2 is 
illustrated more clearly in Figure 100, in which we removed the debris and surrounding 
structure. Although the failure of Truss 2 is one of the many failures that occur at this 
stage, the cascading and flaring debris field all the way from the roof, resulting from the 
buckling of columns 79, 80 and 81 (Figure 97), clearly demonstrates that collapse is at 
such an advanced stage that the entire building is already doomed to collapse, 
irrespective of the presence of Truss 2.    

Table 12 summarizes key events in this stage. 

Figure 101 shows an image of the simulation model in this stage viewed from the 
vantage of the CBS video camera.  From this view, evidence of the ongoing structural 
collapse first becomes visible during this stage; while the collapse of the interior framing 
is hidden behind the building’s façade, the collapse of the east penthouse is plain to see.  
Figure 101 also compares the simulation model to actual footage from the CBS video.  
The comparison in Figure 101 demonstrates that the simulation model agrees extremely 
well with the video footage. 
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Figure 97: South elevation of collapse propagation at several instances during this 
stage.  The sinking of the east penthouse is visible in this stage.  By the end of this 
stage, a massive amount of debris has been unleashed. 
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Figure 98: East elevation at early (left) and late (right) term instances of this stage 
collapse. Note that collapse has engulfed the entirety of the building in the north-
south direction with the exception of the perimeter frames.  
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Figure 99: Failure of Truss 2 under debris impact.  This sequence of images shows 
a north elevation of Truss 2.  Resultant displacements are shown in inches.  In this 
sequence, the initially undamaged truss (a) is impacted by debris from above (b).  
Debris continues to impact the east diagonal (c), causing the truss and columns 77 
and 78 to fail (d). 
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Figure 100: The east diagonal of Truss 2 is compromised by debris impact less 
than 4 seconds after first connection failure. 

 

 

 

Simulation 
Time 

(s) 

Time Relative to 
Initial Impact at 

Floor 8 

 (s) 

Time Relative to 
East Penthouse 

Collapse 

(s) 

Event 

5.2 3.7 0.0 The east penthouse collapse begins to 
be visible at the north face 

5.2 3.7 0.0 Column 78 begins to fail 

7.2 5.7 2.0 As viewed from the north, the east 
penthouse disappears completely below 
the building roofline 

Table 12: Key events occurring in this stage. 
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Figure 101: Though collapse has been underway for 4 s, it has been confined to 
the lower floors of the building’s interior, hidden from the view of the CBS camera.  
With the collapse of the east penthouse in this stage, the ongoing collapse first 
becomes visible to the camera.  The simulation matches the video evidence 
closely.  (The video still image is taken from CBS0000001.) 
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5.4. Horizontal Propagation 
With the collapse of the east penthouse, a tremendous amount of debris is released over 
the entire height of the structure, as described in the previous stage.  Though this debris 
originates in the eastern portion of the structure, it does not remain confined there.  As 
the debris falls, it impacts intact beams delineating the region of collapse.  The impact 
fails the connections at these beams, causing them to fall away.  This process chips 
away at the lateral bracing of the columns at the edge of the intact structure.  As seen in 
Section 5.2, sufficient loss of lateral bracing causes these edge columns to buckle.  The 
failed columns result in the collapse of the framing they supported, including girders 
supported at the columns’ west faces.  The collapsed framing also adds to the mass and 
volume of the falling debris, which then impacts beams on the new edge of intact 
structure, and so on.  With this domino effect set in motion, collapse of the interior 
framing progresses inexorably across the structure from east to west.  

Figure 102 shows the horizontal progression of collapse across the interior framing of the 
entire building.  The westward progression and extent of damage are clearly visible.   

Figure 103 shows a similar series of images.  This sequence of images shows the vicinity 
of column 71 between floors 12 and 24.  Again, the westward progression of collapse is 
clear.  At the beginning of the sequence, columns 68, 71, and 74 are intact.  In the 
subsequent frames, the framing around these columns is consumed by the wave of 
debris, leaving them susceptible to buckling.  By the final frame, these three columns 
have buckled. This process ultimately consumes the interior of the building, leaving the 
perimeter frame unbraced, which also ultimately buckles and collapses.  

Figure 104 shows the horizontal progression at floor 10 throughout the entire simulation.  
Here, the underside of floor 10 is viewed from the northwest.  This series of images 
shows the progression of failures at this floor.  It begins with the downward propagation 
resulting from the initial fire-induced connection failures, and continues through the 
collapse of the east penthouse.  In Figure 104a, the east bay has collapsed due to fire-
induced connection failures.  In Figure 104b, columns 79-81 have collapsed along with all 
framing supported by them.  In particular, the failure of the girders framing into the west 
sides of these columns results in the westward progression of the collapse.  The wave 
front of failure is now at columns 76-78.  As debris continues to fall and impact the floor, 
girders between columns 74-77 and 75-78 fail, moving the wave front of failure to 
columns 73-75.  This is seen in Figure 104c.  Figure 104d shows that the progression 
continues steadily westward. 

Truss 1 also fails during this stage.  Figure 105 shows that columns 73 and 76 
experience significant loss of lateral bracing during this stage.  As those columns lose 
bracing above, columns supporting Truss 1 below are impacted with large amounts of 
debris.  These columns, E3 and E4, fail, causing the collapse of Truss 1.  This is shown 
in Figure 106.  As was noted with Truss 2, the failure of Truss 1 is not vital for collapse to 
progress; with the ongoing loss of lateral bracing above, the buckling of columns 73 and 
76 is inevitable. 

Finally, Figure 107 shows an additional comparison with the CBS video.  Here, the east 
penthouse has completely collapsed and disappeared below the building’s roofline.  
Daylight is visible through the windows of the top floor, confirming that the structure 
behind the perimeter framing has been lost. Here, the simulation is in very good 
agreement with the video footage. 

The global collapse analyses and simulations demonstrate that once the widespread slab 
collapses on the eastern portions of floors 9 and 10 occur, a complete collapse of the 
building is inevitable. The weight and impact of debris released by each collapse triggers 
a sequence of further, ever expanding and flaring debris-driven failures. Given the 
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momentum unleashed by this sequence of collapses over 47 floors, no single design 
element or feature could have altered that outcome, even if the alleged design and 
construction deficiencies had been addressed as proposed by the plaintiffs’ experts (as 
demonstrated in Appendix C of this report). 

 

 
Figure 102: South elevation of interior framing at several instances during this 
stage.  Perimeter framing has been removed for clarity.  During this stage, collapse 
progresses horizontally across the structure from east to west.  
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 Figure 103: South elevation of core columns at several instances during this 
stage.  Vertical displacements are shown in inches.  Here, the collapse progresses 
from east to west, engulfing and failing columns 74, 71, and 68 sequentially. 
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Figure 104: Horizontal progression of collapse.  This sequence of images shows 
the underside of floor 10 at several instances during the collapse.  In (a), the east 
bay of floor 10 has collapsed due to fire-induced connection failures.  In (b), 
columns 79-81 have buckled, allowing the framing between column rows 76-78 and 
79-81 to collapse.  (This figure continues on the following sheet.) 
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Figure 104 (cont’d): In (c), falling debris impacts floor 10, causing girder connections at 
columns 77 and 78 to fail.  The girders between columns 74 and 77 and columns 75 and 78 
fall, and collapse progresses westward.  In (d), the loss of girders and the subsequent 
buckling of columns results in a continual westward progression of collapse. 

Weidlinger Associates Inc. 

October 15, 2010   B-129 

 



  WTC 7 
Collapse analysis and assessment 

  
Figure 105: Truss 1 with columns 73 and 76.  Lateral bracing is increasingly lost at 
columns 73 and 76 during this stage.  
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Figure 106: Late-term failure of Truss 1.  Truss 1 falls as its supporting columns, 
E3 and E4, buckle under debris impact. 
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Figure 107: The east penthouse has collapsed and disappeared below the 
building’s roofline.  The simulation shows that at this point, all interior framing 
east of columns 73-75 has been lost.  The CBS video is in agreement with this as 
indicated by the appearance of daylight through the top floor windows.  (The video 
still image is taken from CBS0000001.) 
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1. INTRODUCTION 
WAI conducted a comprehensive review of the engineering analysis models and methods 
used by the plaintiffs’ various experts as a basis for their conclusions, including Prof. 
Colin Bailey, Guy Nordenson and Joseph Colaco. Our review shows that their assertion 
that alleged design and construction errors (including the inadequate application of fire 
protection and insufficient lateral restraint at columns) caused the collapse of WTC 7 are 
not founded in fact and are the result of flawed analyses. We also take issue with the 
foundation and accuracy of the analytical models used as a basis for other errors alleged 
by the plaintiffs.  

The plaintiffs’ central theory of collapse can be summarized in the following sequence of 
events: 

1. Fire causes unseating of girder 79-44 due to excessive steel temperatures achieved 
as a result of inadequate fire protection. 

2. The girder unseating triggers the collapse of an area of the floor which impacts and 
fails the seated connection on the floor below. Floors continue to collapse from floor 
13 down to the ground. 

3. Subsequent to collapse of the floors, columns 79 and 80 buckle because the “knife” 
connections at these locations did not satisfy the 2% lateral restraint provision of the 
New York City Building Code. 

4. Column buckling results in the collapse of all floors up the height of the building that 
are supported by columns 79 and 80. The debris associated with these floors impact 
and fail transfer trusses 1 and 2. 

5. Failure propagates to the west as a direct result of the use of trench headers in the 
floor slabs. This leaves the perimeter frame unbraced and global collapse ensues.     

This appendix is organized in a sequential basis that follows the plaintiffs’ central collapse 
hypothesis. Each section is devoted to examining the plaintiffs’ analyses, methods and 
assumptions, and the errors therein, upon which their conclusions are founded. The main 
highlights of our examination are: 

1. Prof. Bailey’s conclusion that girder unseating failure at column 79 initiated as a 
result of the deck flutes being unfilled with SFRM is based on analyses that we show, 
in section 2, are unreliable and even contrived, and therefore cannot support their 
assertion that: “In the models where the flutes were filled no structural failure was 
identified leading to the collapse of girder 79-44. This proves that if the flute were 
filled then WTC 7 would not have collapsed and the damage could have been 
repaired” [Bailey, 2010, p.34].  

2. Mr. Nordenson’s conclusion that the girder unseating at the floors in question would 
result in floor-to-floor collapse propagation down to ground is based on an inaccurate 
application of the law of conservation of energy in that it ignores the significant 
mechanisms which would have indisputably been at work during the actual event. 
Section 0 of this appendix documents how rigorous application of conservation of 
energy principles establishes that floor-to-floor propagation of collapse would not 
have occurred, under the scenario postulated by Mr. Nordenson.  

3. Sections 4, 5, and 6 demonstrate that the plaintiffs’ experts conclusion that the limited 
tension capacity of the knife connections, a design deficiency in their opinion, played 

Weidlinger Associates Inc. 

October 15, 2010   C -1 



                          WTC 7 
Collapse analysis and assessment 

a primary role in subsequent column buckling phenomena stems from 
unsubstantiated claims about how these connections were fabricated, capacity 
estimates that are at odds with both published test data and/or basic plausibility 
calculations, and erroneous analytical models. Section 4 of this appendix examines 
the basis and faults in the plaintiffs’ experts’ estimation of the capacity of the knife 
connections. Section 0 demonstrates that the 2% lateral restraint provision of the 
New York City Building Code (NYCBC) was indeed satisfied at all column locations, 
and Section 6 shows that analyses used by the plaintiffs’ experts to assert that the 
knife connection capacity played a role in column buckling are erroneous and do not 
represent the actual behavior of the connections.  

4. Finally, section 7 of this appendix refutes the plaintiffs’ conclusions that the use of 
trench headers in the floor slabs played a primary role in the horizontal collapse 
propagation. This section documents a number of instances where the collapse load 
is misrepresented and where connection modeling techniques are applied 
erroneously. When these errors are corrected, WAI demonstrates that the presence 
of trench headers played no role in the collapse of the building.     

 

2. FAILURE INITIATION  
Prof. Bailey asserts that “[t]he main design fault precipitating the initial failure was due to 
flutes between the top of the beams/girders and underside of the slab not being filled with 
spray fire-resistance fire material” [Bailey, 2010, p2] and states further that “[i]n models 
where the flutes were filled no structural failure was identified leading to the collapse of 
girder 79-44. This proves that if the flutes were filled then WTC 7 would not have collapse 
and the damage could have been repaired.” [Bailey, 2010, p34]. Putting aside the faulty 
assumption that the flutes were not filled, which is addressed in the report of Dr. Craig 
Beyler [Beyler, 2010], WAI’s examination of the analyses underlying this opinion reveals 
several flaws, including: 

1. The ARUP Abaqus analysis that Prof. Bailey relies on to make the distinction 
between a collapse outcome (flutes unfilled) and collapse prevention (flutes filled) is 
based on fires that Prof. Bailey describes as “…not intended to represent the actual 
fire within WTC 7, but were derived to allow the structure to be investigated to 
highlight the weak points in the design of the building” [Bailey, 2010, p26]. Yet ARUP 
had produced a detailed FDS analysis intended to simulate the actual fire 
environment on September 11 that Prof. Bailey did not use [Mowrer, 2010, Appendix 
C, FDS data produced]. When that actual ARUP-derived FDS fire data, in conjunction 
with Mowrer’s heat transfer calculations, is introduced into the ARUP-developed 
Abaqus “flutes filled” model, the Abaqus analysis indicates that the floor assembly 
collapses indicating no difference in the outcome whether flutes are filled or not. The 
fact that the floor assembly in the plaintiffs’ model collapses both when the flutes are 
unfilled and when they are filled shows that the collapse was caused not by any 
failure to fill the flutes but by the unique and extreme conditions of the day.  It 
appears that a contrived fire scenario was needed to pin the collapse of WTC 7 on an 
alleged design error.  

2. The ARUP Abaqus model, which Prof. Bailey relies upon for his conclusions, is 
largely developed on the basis of a preconceived seated connection failure at column 
79, rather than an investigation of failure mechanisms and locations as they occur 
and where they occur on the basis of the fire evolution. Indeed, ARUP states that one 
of its objectives is to investigate “the detailed responses of the three girders that are 
supported off column 79 – deemed to be the primary collapse initiating event as they 
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correspond to the area where collapse was observed to have initiated” [Bailey, 2010, 
p. Di]. While ARUP does claim to investigate failures at other alternate locations, the 
connections are modeled to bias the failure towards the connections at column 79, 
which are modeled in detail, while “simplified” and unrealistic models are introduced 
at other possible failure points. Although their analysis experiences artificially early 
termination due to numerical instabilities (i.e. “crashes”) without the unseating 
actually occurring, ARUP and Prof. Bailey assess the girder to have failed on the 
basis that the girder sits “precariously” at the edge of the seat, without any 
quantitative criteria for such a subjective statement or actually modeling a collapse.  

3. Furthermore, the behavior of the connections in ARUP’s Abaqus model (most 
noticeably, the knife connections) display deformations in excess of twenty times the 
failure limit postulated by Mr. Nordenson and Dr. Colaco, yet they remain sound in 
ARUP’s assessment.   

Prof. Bailey and Mr/. Nordenson’s entire failure mechanism and collapse initiation 
hypothesis rests on ARUP’s analytical work. Each relies on ARUP for their conclusions 
concerning the causal link between design errors and the collapse of WTC 7. We discuss 
our detailed examination of this underlying analytical work in what follows. 

2.1. Reproduction of ARUP Sub-Model Response 
ARUP created an Abaqus model of the WTC 7 structure in four configurations which 
were produced by the plaintiffs.   These configurations represent the combination of 
variations of two parameters, namely the ARUP prescribed “parametric” fire exposures 
(700 °C or 800 °C) and flute condition (filled or unfilled). The supplied Abaqus/Explicit 
v6.9-1 files include the input decks (*.inp) and output databases (*.odb) for each of the 
configurations outlined in Table 1. 

Table 1: Abaqus v6.9-1 WTC 7 Model Input Decks and Output Databases Provided 
by the plaintiffs. 

Fire 
Exposure 

(°C) 

Flute 
Condition File Name 

700 Unfilled 090731_WTC 7_700_unfilled_revised_STC5 

700 Filled 091123_WTC 7_700_flutes_filled_revised_fixed_tempMk2 

800 Unfilled 090727_WTC 7_800_Unfilled_revised 

800 Filled 090727_WTC 7_800_flutes_filled_revised 

WAI undertook a re-run of the files ultimately produced to verify the reproducibility of the 
results documented by ARUP in Appendix D of Prof. Bailey’s report [Bailey, 2010].   

With the exception of the 800°C Flutes Filled case, there was no significant variation in 
WAI’s necessary reproduction of the analysis results. An initial attempt to re-run the 
800°C Flutes Filled case, as provided, resulted in premature analysis termination.  This 
was due to a numerical instability in the model at a surface element node that penetrated 
the floor slab.  To alleviate this instability, the time increment associated with variable 
mass scaling was reduced by 20% to 16 µs in this case only.  This adjustment provided a 
convergent solution and is termed as the WAI reproduction for this configuration.  
Comparisons between the results produced by ARUP and the WAI reproduction of this 
scenario are provided in Figure 1 through Figure 3 which show excellent correlation 
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between the two models and demonstrate the change in timestep that enabled the model 
to run did not alter the behavior of the model.  

Given that the reproducibility of the results was verified, our subsequent examination of 
the ARUP models is a valid examination of the basis of Dr. Bailey’s conclusions.  

  

Figure 1: Comparison of Floor Slab Vertical Deflection (mm) in ARUP 800°C Flutes 
Filled Model (Left) and WAI Reproduction (Right) at 2.0 Hours. 

 
Figure 2: Comparison of Girder 79-44 Vertical Deflection History at Mid-Span in 
ARUP 800°C Flutes Filled Model and WAI Reproduction. 

. 
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Figure 3: Comparison of Girder 79-44 Lateral Deflection History at Seated 
Connection in ARUP 800 °C Flutes Filled Model and WAI Reproduction. 

 

2.2. Mechanics of girder unseating 
The basis for the Prof. Bailey’s assertion that inadequate fire protection caused the girder 
unseating to occur stems from ARUP’s four analyses which they assert illustrate that 
girder unseating only occurs when flutes of the metal decking are not filled with SFRM 
over the top flange of beams. However, these analyses of girder unseating failure 
initiation do not support their assertion that unseating occurred as a result of inadequate 
fire protection on a number of fundamental levels. 

One prominent shortcoming of these analyses is that the results do not exhibit the girder 
unseating that they claim; all of their analyses terminate before unseating actually occurs. 
Yet, Prof. Bailey and ARUP claim that their 700°C Unfilled Flutes case demonstrates that 
the girder unseated. They make this presumptive determination on the basis that the 
girder “sits precariously at the edge of the seat” [Bailey, 2010, p. D12] but they do not 
define what constitutes a “precarious” position. This presumption of unseating is 
contradicted by the vertical deflection analysis results presented in [Bailey, 2010, 
Appendix D, Figure 37] which shows that the vertical deflection of the girder remains 
stable. This figure is reproduced and annotated in Figure 4.   
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Figure 4: Reproduction of Bailey, Appendix D, Fig. 37. The blue annotation, added 
by WAI, points to the girder that remains stable in the ARUP analysis. The red 
arrow is included from the source figure. These results show that the girder 
remains stable at the end of the analysis. Had girder unseating occurred, the 
vertical deflection time-history of the girder would fall away similar to secondary 
beam indicated with the red arrow.  

ARUP’s analysis results for this case do show considerable horizontal motion of the top 
flange of the seated girder which is illustrated in Figure 5. However, this motion occurs 
because the top flange is allowed to move past the flange plates of the column only as a 
result of the removal of two small elements at the corner of the top flange as indicated in 
Figure 5. ARUP’s criteria for removing these two elements is questionable given the 
concerns raised by Dr. Beyler [Beyler, 2010] about the analysis techniques and 
methodologies used by the plaintiff to determine that the top flange temperatures that 
resulted in overestimation of top flange temperatures. This is especially true given the 
absence of consideration of the heat-sink effects of the slab described in Dr. Beyler’s 
report. As such, Prof. Bailey’s assertions about girder unseating in this scenario are 
based on an analysis which provides no scientific foundation for his conclusions. 
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Figure 5: 700°C Unfilled Flutes Case 1 from Figure 30 of Bailey, Appendix D. 
Annotation in red boxes is ARUP’s, annotation in blue is added by WAI for 
illustration purposes. 

The only other analysis scenario where the plaintiffs claim that girder unseating occurred 
as the cause of failure initiation is the 800°C Unfilled Flutes case. ARUP’s analysis of this 
scenario also suffers from the same problems of top flange corner erosion described for 
the previous case and therefore also exhibits substantial deformations at the seat. In this 
instance, their analysis does illustrate run-away deflection of the seated girder [Bailey, 
Appendix D, Figure 69], and Dr. Bailey attributes this failure to, “flexural instability of the 
secondary beams and girder 79-44”, [Bailey, 2010, p.34]. However, Dr. Bailey and ARUP 
fail to explain that the flexural instability observed in their model is attributable to the 
rupture of the top flange and web of the girder at the secondary beam location north of 
column 79 as illustrated in Figure 6. As can be seen in this figure, the rupture severs the 
top flange on most of the web through the depth of the beam; leaving it unable to carry 
vertical load. Rupture of this type is not considered to be a reasonable or realistic 
behavior since it is more likely that the fin plate connection would fail or the secondary 
beam would crumple before it would penetrate the girder as shown in ARUP’s model. 
This strange behavior is not, as Dr. Bailey claims, “in accordance with well-known 
structural phenomena in fire” [Bailey, Appendix D, p.D20]; that fact on its own should 
have raised ample red flags concerning the validity of the analysis     
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Figure 6: Rupture of the girder at the first secondary beam connection to the north 
of column 79 is not a realistic response of structural phenomena in fire.  

2.3. Significance of fire protection in girder unseating 
When describing the heating regime used to drive the structural-fire analyses, Bailey 
[Bailey, 2010, p. 26] describes the following, “The fire curves are not intended to 
represent the actual fire within WTC 7, but were derived to allow the structure to be 
investigated to highlight the weak points in the design of the building”. Yet ARUP had 
produced a detailed FDS analysis intended to simulate the actual fire environment on 
September 11 [Mowrer, 2010, Appendix C, FDS data produced]. Instead of using thermal 
loads from what ARUP and Mowrer derived as the actual fire environment on the day, 
ARUP opted to use “parametric” heating regimes. The significance of this oversight is 
important because when the temperature time histories calculated in ARUP’s FDS 
analysis are converted to steel temperatures using the heat-transfer analysis 
methodology adopted by the plaintiffs’ fire expert, Prof. Mowrer, and those steel 
temperatures are used as input to ARUP’s Abaqus structural model, the analysis results 
in girder unseating along with knife connection failures regardless of whether flutes were 
filled or not.  

We refer to this as the “unfiltered fire scenario” and, the following modifications were 
applied to the ARUP 800°C Flutes Filled input file in order to represent this fire scenario: 

1. 113 individual node sets were generated to encapsulate each thermally-loaded 
column, girder and secondary beam within the model. 

2. Thermal loading was applied to the structure for seven hours of fire, based on 
ARUP’s FDS calculations and Mowrer’s heat transfer methodology.  This time span 
was discretized into 20 fire steps, which were evenly scaled to individual numerical 
step times of 0.42 seconds representing 21 minutes each. 
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3. The original “parametric” thermal loads were replaced by unique temperature 
histories applied to each column, girder and secondary beam node set at every load 
step.  As such, the duration of the heating and cooling phases vary between 
structural members in accordance with the phasing of the fire as it moves around the 
floor as calculated in the ARUP FDS analysis. 

The results from this “unfiltered” and consistent analysis based on ARUP’s model are 
presented in Figure 7 and Figure 8; these clearly show that collapse occurs as a result of 
failure of all of the connections at column 79 in spite of this being a “flutes filled” 
condition. Clearly, Prof. Bailey’s and ARUP’s analyses and models, when used 
consistently, do not support the distinction they make or the conclusions they draw on the 
role of fireproofing in the flutes. Collapse occurs in their model regardless of whether the 
flutes are filled of unfilled. Therefore, it cannot be concluded from these analyses that 
collapse occurred as a result of unfilled flutes.  

 

 

Figure 7: Girder 79-44, 79-76 and 79-80 Vertical Deflections in ARUP Flutes Filled 
Unfiltered Fire Exposure at 371 Minutes. All connections at column 79 have failed. 
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21 Minutes 168 Minutes 

 

 

252 Minutes 315 Minutes 

  

336 Minutes 371 Minutes 

Figure 8: Deformation of Seat Connection and K8 Knife Connection at Column 79 
in ARUP Flutes Filled Unfiltered Fire Exposure Model. 
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2.4. Significance of modeling simplifications 
While the fire scenario was, “derived to allow the structure to be investigated to highlight 
the weak points in the design of the building” [Bailey, 2010, p. 27], it is evident that the 
“weak points” were already preconceived before the structural fire analysis model was 
constructed. As described above, in the stated objectives in Appendix D of Prof. Bailey’s 
report [Bailey, 2010, p. Di], connection failure at column 79 was already pre-determined 
as the “primary collapse initiating event”. This approach further compromises the 
reliability of the conclusions that Prof. Bailey has drawn from these analyses because the 
models are biased toward failure at the pre-selected seated connection at column 79. 
This is evident in Bailey, Appendix D, Figure 1 [Bailey, 2010, p. Di] which shows that only 
the connections at column 79 and 44 were modeled in detail, including every bolt and 
connection plate, whereas all other connections were represented with simplified 
connector element definitions to approximate the behaviors. This figure is reproduced in 
Figure 9 below which also shows that the behavior of the shear studs are modeled in a 
way that allows them to fail only in the northwest corner of the building (dotted red lines); 
everywhere else they are treated as rigid and are unable to break in the analysis (solid 
red lines). This preconception of failure affects all of ARUP’s models and the approach 
undermines the reliability of the analyses. 

 
Figure 9: Reproduced from Bailey, Appendix D, Figure 1. Annotation in blue 
provided to emphasize that only columns 79 and 44 were modeled with sufficient 
detail to quanitfy the complex behaviors being analyzed.  

Examination of Prof. Bailey’s and ARUP’s analysis results shows that the simplified 
modeling approach they have adopted in their model other than at column 79 exhibits a 
different degree of sensitivity to the thermal environment and has a reduced ability to 
represent failures when compared to the more detailed modeling techniques they used 
around column 79. This sensitivity is prominent in the behavior of the shear studs which 
often fail in their analyses, but only do so at the north east corner where their modeling 
approach allows it. Shear studs cannot fail anywhere else in their analysis even though 
the physical conditions are often identical to those in the north east corner of the building. 
This is evident in Figure 10 which highlights two adjacent secondary beams in the 800°C 
flutes filled case where the section size (W24x55) and heating is identical and spans only 
differ by 3 inches. This figure shows that all of the shear studs have failed on the beam to 
the north, whereas none have failed to the south. With broken shear studs, the beam to 

Weidlinger Associates Inc. 

October 15, 2010   C -11 



                          WTC 7 
Collapse analysis and assessment 

the north has lost not only composite action but also lateral restraint and results in much 
larger deflections. This obvious disparity in the response occurs in all of their analysis 
and demonstrates that their analysis approach is only capable of identifying “weak points” 
in the locations where they decided to establish them.   

 
Figure 10: Shear stud breakage at the end of the 800°C flutes filled case showing 
discontinuity in shear stud response as a result of differing modeling approaches. 
Reproduced from Bailey, 2010 Appendix D, Figure 129. Annotation in blue added 
for illustrative purposes. 

The modeling of the connections is similarly flawed. One example is the finplate to girder 
connections where the simplified connection models include a spring-representation of 
the rotational stiffness of these connections. The input stiffness properties used here 
were not derived to represent the actual rotation properties of the connection but instead 
were contrived to restrict the secondary beam from rotating far enough that the end of the 
beam penetrates through the web of the girder. This is explained in Bailey, Appendix D, 
Section B7.1.4. Figure 11 compares ARUP’s contrived curve against the properties 
derived using the component method that was adopted for connection modeling in our 
work described in Appendix D.   
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Figure 11: Moment rotation behavior of 6-bolt finplate connections. Note that 
plaintiffs’ experts’ curve has been truncated for display purposes as the moment 
capacity extends for several orders of magnitude beyond the displayed range. 

The moment rotation property that ARUP has adopted makes it impossible for these 
connections to fail, thus allowing the secondary beams to twist the girder in unrealistic 
ways.  These erroneous properties have implications for the modeled building’s 
performance and we explored the significance of this modeling assumption by 
substituting ARUP’s contrived moment-rotation curve with the one that we derived using 
the component method for 6-bolt finplate connections. (See Appendix D). This 
modification was made to the ARUP 800°C Flutes Filled analysis model and affected only 
their “F6” and “F6toshell” connector definitions. When these changes are made, we found 
that the behavior of the seated connection behavior changes demonstrably. It results in 
partial collapse of four secondary beams as illustrated in Figure 12 and dramatic twisting 
of the seated connection which is “precariously” situated at the end of the analysis as 
shown in Figure 13. The Flutes Filled case which leads to no collapse in ARUP’s 
assessment, and is therefore the basis for Dr. Bailey’s conclusion that fireproofing 
deficiencies caused the collapse, suddenly exhibits a floor collapse when the appropriate 
connection capacity is used in their model. Clearly, the ARUP model is inaccurate in that 
its simplifying assumptions drive the outcome and ultimately the conclusions. In fact, 
when an appropriate connection capacity is used in the ARUP 800°C Flutes Filled model, 
the girder ends in an equally “precarious” position as the unfilled cases even though the 
flutes are filled in this analysis. 
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Figure 12: Abaqus model showing partial collapse of the bay northeast of column 
79 occurs as a result of changing the artificial moment vs. rotation properties of 
the simplified finplate connections to a realistic representation for the 800°C Filled 
Flutes Case  

 
Figure 13: Behavior of the seated girder changes dramatically when the finplate 
connection behavior is implemented (left) when compared to ARUP’s original 
800°C Filled Flutes Case (right).   
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2.5. Internal consistency errors 
There is also a serious flaw in ARUP’s approach to studying the significance of the 
asserted absence of fire protection. Their method consists of assessing the behavior of 
the structure when two parameters; fire protection and fire scenario, are varied. Profs. 
Bailey and Mowrer claim that the fire protection was absent from the flutes and that this 
must have been causal in the collapse of WTC 7 because ARUP’s analyses only exhibit 
collapse behavior when the flutes are unfilled. In order for this hypothesis to be validly 
tested, the scientific method requires that the variable being studied (the presence or 
absence of fire protection) to be “isolated” in the study. This means that all other 
variables must be unchanged in the cases being compared in order for the conclusion to 
be supported by the study. This criterion is not satisfied in the ARUP study and 
consequently, this study cannot be a reasonable and acceptable basis for the claim that 
girder unseating occurs as a result unfilled flutes.  

For unknown and undocumented reasons, ARUP has introduced additional variables in 
its four models (700°C filled and unfilled, 800°C, filled and unfilled) such that none of the 
structures modeled in the four cases considered are actually the same, though they 
should all be identical. The source of these variations lies in the input used to represent 
the connection types denoted as “STC5” and “STP1” connector elements within their 
models.  

ARUP’s STC5 connector elements represents seated connections with top clips which 
occur in 2 places in their model as indicated on Figure 14. The way that this connection 
was modeled is different in their case1 (700°C unfilled) than all the other cases. In case 
1, this connection is treated as a rigid pin (translational degrees of freedom are rigidly 
fixed and rotational degrees are free to rotate) whereas the other cases provide non-
linear force deflection properties for most degrees of freedom.  

Variation in the modeling of the STP1 connector elements is more erratic. These 
connections represent seated connections with top plates that occur in 12 places in their 
model as indicated on Figure 14. The rotational behavior of these connections is 
represented in two different ways. In cases 1 and 3 (700°C unfilled and 800°C unfilled) all 
of the rotational degrees of freedom include rigid “stops” that prevent rotation beyond 
certain amounts. In cases 2 and 3 (700°C filled and 800°C g filled) these stops do not 
exist but minor axis bending is completely fixed. There is also variation in the way that the 
axial tension failure is modeled in these connections. Cases 1, 3, and 4 all accommodate 
tensile deformations that range from 23 mm at ambient temperature and 41.9mm at 
500°C and above. These connections break when both criteria (deformation and 
temperature) are simultaneously exceeded. In Case 2 however, these connections only 
fail when the deformation exceeds 100 mm; regardless of temperature. 

When these variations are tabulated and the differences are compared, as in Table 2, it is 
evident that no two cases use the same structural model; they are all different from each 
other.  

With this wide array of different permutations in connection model behaviors that 
represent complex behaviors within a complex system, it is impossible to discern from the 
input alone what the significance of these variations might be; this can only be identified 
through re-analysis of the models with consistent properties. 
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Figure 14: Locations of STP1 and STC5 connections illustrated on a typical floor 
plan. 

 

Table 2: Differences in connection modeling techniques used in different models  

 
We undertook the re-analysis Case 2 (700°C filled). We did so by extracting the Case 4 
(800°C filled) STC5 and STP1 connection behaviors and incorporating them in the Case 
2 (700°C filled) structural model, effectively replacing the Case 2 original connection 
behaviors, since the structure should be the same. An equivalent perspective is that we 

Case 1 Case2 Case 3 Case 4
Gas temp 700 700 800 800
flutes unfillled filled unfilled filled
STC5 rigid 1,2,3 non-linear 2,3,4 rigid 1 non-linear 2,3,4  rigid 1 non-linear 2,3,4  rigid 1
STP1, rotation stop 4,5,6 no stop, rigid 5 stop 4,5,6 no stop, rigid 5

STP1, tension failure

increasing tension 
limit with temp 
(41.9mm max)

constant 100mm tension 
limit

increasing tension limit 
with temp (41.9 mm 
max)

increasing tension limit 
with temp (41.9 mm 
max)
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effectively took the 700°C filled case (Case 2) steel temperatures and imposed them in 
the 800°C filled (Case 4) structural model. We found that the behavior completely 
changed as a direct result of these variable connection properties. Where the 700°C filled 
case did not fail in the version that was provided and documented in the plaintiff’s report, 
our simple consistency test resulted in the collapse of the secondary girders along the 
east wall which, in turn, unseats the girder by twisting it off its seat. This is illustrated in 
Figure 15 which compares the response of the consistent model with results produced by 
ARUP from the original analysis. These figures show that by making these connection 
properties consistent with those used in the 800°C filled analysis, the results change from 
no-collapse to collapse. These results demonstrate that their model, when exercised 
consistently, once more, does not support their assertion that collapse occurs as a result 
of unfilled flutes.   

 

  
Figure 15: Comparison of 700°C filled model exercised with consistent properties 
with results using inconsistent properties reported by ARUP in [Bailey, 2010, 
Appendix D, Figure 112]. Using consistent connection properties results in failure 
where it did not occur previously. 

2.6. Conflict among plaintiffs’ experts 
In addition to the issues described above, Figure 16 shows that the degree of 
deformation accommodated by the knife connections is considerable and it is evident 
from Prof. Bailey’s Figure 47 in Appendix D that these deformations are present in 
ARUP’s analysis of a filled flutes condition. The deformation of these connections in 
these analyses exceeds the 0.01” limit that is taken by Nordenson to constitute knife 
connection failure by at least a factor of 20. It is evident that the plaintiffs’ experts have 
merely selected different connection failure criteria in different analyses without a 
scientific basis.     
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Figure 16: 700°C Unfilled Flutes Case 1 from Figure 47 of Bailey, Appendix D. 
Annotation in red box is their own, annotation in blue is added for illustration 
purposes. 
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3. IMPACT FAILURE PROPAGATION 
The plaintiffs’ theory depends on girder unseating leading to the collapse of floors below 
due to impact. Our own analyses, presented in Appendix B, show that girder unseating at 
column 79 was not a likely point a failure initiation and that collapse could not have 
propagated without additional fire damage to the impacted floor. This section includes 
analyses that demonstrate why Mr. Nordenson’s assertion is untenable because he 
applies the law of conservation of energy in a limited and simplistic way. Even under his 
own terms, we show that collapse does not propagate. 

 

3.1. Conformation with collapse initiation scenarios 
Mr. Nordenson, purports to explore whether or not the impact of one floor on to the floor 
below would collapse the lower floor; thereby triggering a cascading vertical progression 
of failure. While Mr. Nordenson says that he has formulated the problem using, “a 
conservative approach… to establish a lower bound potential energy and an upper bound 
deformation energy” [Nordenson, 2010a, p. B-2], he has in actuality misrepresented the 
collapse scenario 

Appendix B of Mr. Nordenson’s report [Nordenson, 2010a] addresses the issue of vertical 
collapse progression. Mr. Nordenson states “following the initiating event of Girder 44-79 
becoming unseated at Column 79 on Floor 13, one of two collapse initiation theories 
documented in the report by Dr. Colin Bailey” [Nordenson, 2010a, p. B1]. The referenced 
report by Dr. Bailey describes his collapse initiation theory thus; “It was found that the 
initial failure was due to the instability of the girder 79-44 either during peak heating of a 
fire or during the cooling stage of a fire. The mode of failure of girder 79-44 was 
dependent on the severity of the standard office fire.” [Bailey,2010, p.2]. These scenarios 
are represented by the analyses prepared by ARUP and presented by Bailey as “Case 1: 
700°C Fire – Unfilled Flutes” , and “Case 3: 800°C Fire – Unfilled Flutes”.  

Mr. Nordenson’s report is not specific about which of these two scenarios his floor 
collapse analysis is intended to assess, but it is evident that the assumptions that form 
the basis of his analysis does not reflect either of these scenarios in two fundamentally 
significant ways: 

1. Mr. Nordenson determines the impact energy from an initially undeformed floor plate, 
neglecting the extreme floor deformations that occur prior to girder unseating.  The 
significance of this is apparent when the deformations presented in Figure 17 and 
Figure 18 are compared to those assumed by Mr. Nordenson in Figure 20. Much less 
potential energy is available at the point of incipient release of debris than Mr. 
Nordenson presumes in his own model.  

2. Upon impact, the collapsing upper floor is presumed to be at ambient temperature 
despite the significant temperatures indicated in the girder unseating scenarios 
presented by Bailey. This approach neglects the weakening and softening of the 
upper floor that would occur as a result of these temperatures which would result in 
considerably more absorption of impact energy occurring in the upper floor than Mr. 
Nordenson has been accounted for in his study. This is illustrated by when 
comparing the steel temperatures provided in Figure 19, which are approaching 
800°C to the ambient conditions assumed by Mr. Nordenson. 

In light of these discrepancies, the calculations described by Mr. Nordenson cannot be 
considered either accurate or “conservative”, as Nordenson claims. His assessment does 
not match the scenario he purports to analyze and does not demonstrate that the failure 
initiation posited by Prof. Bailey would result in collapse of the floor below.    
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Figure 17: Case 1 Floor deformation. Image created from ARUP output file 
090731_WTC 7_700_unfilled_revised_STC5.odb. Approximate lower floor location 
shown at 12’-9” below upper floor top-of-steel. Prior to unseating, 1 secondary 
beam has already passed through lower floor. Upon unseating, bottom of 
secondary beam is only approximately 7’-7” off the lower floor. 

 
Figure 18: Case 3 Floor deformation. Image created from ARUP output file 
090727_WTC 7_800_Unfilled_revised.odb. Approximate lower floor location shown 
at 12’-9” below upper floor top-of-steel. Upon unseating, bottom of secondary 
beam is only approximately 4’-7” off the lower floor   
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Figure 19: Case 3 steel temperatures at time of girder unseating (degrees, C). 
Image produced from ARUP output file 090727_WTC 7_800_Unfilled_revised.odb. 
Temperatures of beam elements (shown as lines) are bottom flange temperatures. 

 
Figure 20: Deformed shape at onset of unseated assumed in GNA calculations. 
[GNA figure B2.2]. Temperatures are assumed ambient. Column label from GNA 
report in this figure. 
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3.2. Modes of energy absorption 
This section describes in detail the significance of Mr. Nordenson’s incorrect assumption 
that the primary mechanism for impact energy absorption is through the failure of the 
girder to column connection at the floor below as described in the expression given below 
[Nordenson, 2010a, p. B-1]. By not accounting for the energy associated with any other 
modes of deformation in either the upper floor or the impacted floor, Mr. Nordenson 
effectively represents both floors as rigid bodies which is unrealistic and certainly not 
“conservative”.  

Mr. Nordenson’s own calculations show that, if the postulated girder unseating were to 
occur as described, the impacted girder at the floor below would absorb the impact 
kinetic energy through plastic deformation and prevent collapse propagation.  

�� 𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃 𝑃𝑃𝑃𝑃𝑃𝑃𝑒𝑒𝑒𝑒𝑒𝑒
𝑃𝑃𝑜𝑜 𝑜𝑜𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑒𝑒 𝑜𝑜𝑃𝑃𝑃𝑃𝑃𝑃𝑒𝑒 𝑠𝑠𝑃𝑃𝑃𝑃𝑠𝑠� − �𝐸𝐸𝑃𝑃𝑃𝑃𝑒𝑒𝑒𝑒𝑒𝑒 𝐷𝐷𝑃𝑃𝑠𝑠𝑠𝑠𝑃𝑃𝐷𝐷𝑃𝑃𝑃𝑃𝑃𝑃𝐷𝐷

𝑃𝑃𝑃𝑃 𝑜𝑜𝑃𝑃𝑃𝑃𝑃𝑃𝑓𝑓𝑒𝑒𝑃𝑃 𝑃𝑃𝑜𝑜 𝑜𝑜𝑃𝑃𝑃𝑃𝑃𝑃𝑒𝑒�� 𝑣𝑣𝑠𝑠 �
𝐸𝐸𝑃𝑃𝑃𝑃𝑒𝑒𝑒𝑒𝑒𝑒 𝑒𝑒𝑃𝑃𝑟𝑟𝑓𝑓𝑃𝑃𝑒𝑒𝑃𝑃𝐷𝐷 𝑃𝑃𝑃𝑃 𝑜𝑜𝑃𝑃𝑃𝑃𝑃𝑃
𝑒𝑒𝑃𝑃𝑒𝑒𝐷𝐷𝑃𝑃𝑒𝑒𝑔𝑔𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑔𝑔𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃 𝑃𝑃𝑃𝑃
𝑔𝑔𝑃𝑃𝑃𝑃𝑓𝑓𝑐𝑐𝑃𝑃 𝑃𝑃𝑃𝑃 𝑜𝑜𝑃𝑃𝑃𝑃𝑃𝑃𝑒𝑒 𝑠𝑠𝑃𝑃𝑃𝑃𝑃𝑃𝑏𝑏

� 

Mr. Nordenson’s postulated collapse scenario considers the 13th floor impacting the 12th 
floor where the 13th floor girder impacts the 12th floor girder at the 1/5point (approximately 
110 inches from the face of column 79) [Nordenson, 2010a, p.B32]. Mr. Nordenson 
formulated the rigidity of the impact using the linear-elastic formulation given at the top of 
page B33 of his report and arrived at a stiffness of 139kips/in provided in his Table B5.1. 
(Note that Table B6.1 lists this value at the 13th floor instead of 12th floor). Following the 
procedure Mr. Nordenson describes on page B33, he arrives at an impact force of 
984kips (see table B6.1 at 13th floor). He then transforms this into a reaction force at the 
seated connection of 787kips, observes that this value exceeds his estimated connection 
capacity of 692kips and concludes that the connection would fail. However, Mr. 
Nordenson fails to recognize that the impact force he has calculated (984kips) is not 
physically achievable and is incompatible with the physical properties of the 12th floor 
girder. As such, the necessary conditions for his linear-elastic stiffness formulation are 
not satisfied and his calculation and conclusion is invalid.  

In order for his calculations to remain valid, the girder would have to remain within the 
linear-elastic regime but this condition is not satisfied because the flexural demand that 
he postulates exceeds the capacity of the girder. When Mr. Nordenson’s estimated 
984kip impact force is applied, to the 1/5point, the bending moment demand in the beam 
is calculated to be 86,110kip-in based on the equation below [AISC, 1994 Page 4-192]. 
However, Mr. Nordenson’s own composite framing calculations (produced via e-mail on 
April, 13, 2010) show the ultimate flexural capacity of the girder to be 29,365kip-in.   

𝑀𝑀𝑚𝑚𝑚𝑚𝑚𝑚 =
𝑃𝑃𝑃𝑃𝑠𝑠
𝐿𝐿

 

The significance of this incompatibility is that the girder responds within the plastic regime 
(not the linear-elastic regime assumed by Mr. Nordenson) upon impact, deflecting more, 
absorbing more energy, and significantly limiting the force that can be transmitted to the 
connection at column 79. Using the equation provided above, the maximum impact force 
that can develop in the girder at the 1/5point is 335kips. As such, the maximum reaction 
force that can be delivered to the connection at column 79 is 268kips. This is far less than 
the 692kip capacity Mr. Nordenson estimates and therefore his conclusion that 
connection failure would have occurred is erroneous. 

Had Mr. Nordenson taken in to account the plastic response of the girder, he would also 
have recognized that girder flexure is a major mechanism for energy absorption, fully 
capable of absorbing the 3474kip-in of kinetic energy and arresting the floor above 
without failing the connections or dislodging the girder from its seat.   
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Mr. Nordenson also makes additional computational errors such as confusing “fracture 
energy”, Gc, [Anderson, 2005, p.13] with the total internal energy, U, [Boresi, 1993, p.88] 
which results in underestimating the energy absorbed by those components by a factor of 
about 30.  

Without properly accounting for the mechanisms of energy dissipation, Mr. Nordenson’s 
conclusion, that girder unseating causes multi-floor collapse, is not supported. In fact, 
when the calculation is done thoroughly, his own calculations show the opposite 
conclusion to be true. 
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4. TENSILE CAPACITY OF KNIFE CONNECTIONS 
Prof. Ingraffea [Nordenson, 2010a, Appendix A] uses non-linear 3-dimensional finite 
element analyses along with fracture mechanics principles to derive an estimated tensile 
capacity of the knife connections. Knife connections consist of welded double-angle 
connections, sometimes used in WTC7 to connect primary girders to columns, where the 
angle legs are shop-welded to the column face and field bolted through the girder web.    
Review of Prof. Ingraffea’s derivation uncovered the following shortcomings indicating 
that he has significantly underestimated the capacity of these connections:  

1. There is no basis for Prof. Ingraffea’s assumption that E70T-4 weld electrodes were 
used in the fabrication of knife connections in WTC 7. Weld inspection reports make 
no mention of the use of this electrode at all. 

2. Our thermal expansion hand-calculations show that as little as a 2°C temperature 
change would result in failure of Prof. Ingraffea’s asserted knife connection capacity. 
This temperature change would have certainly occurred prior to September 11, 
resulting in widespread grossly obvious failure if the knife connections were as fragile 
as he asserts.  

3. Comparison of Prof. Ingraffea’s calculations to the body of available published test 
data shows that his values are low by approximately a factor of 4 on strength and a 
factor of 30 on ductility. 

Dr. Colaco and Mr. Nordenson also postulate an alternate derivation of the knife 
connection capacity. This one ignores the weld entirely, and uses angle yielding as a 
limiting threshold. This derivation is shown to be equally at odds with the body of 
published test data.  

The implications of the underestimated capacities are described in more detail in the 
following sections.  

4.1. Weld electrode type 
Appendix A of Mr. Nordenson’s report was prepared by Prof. Ingraffea. It concludes on 
page 33 that, “Based on the results from these 3D analyses, and on a review of pre-
Northridge weld metal toughnesses, a transverse capacity of the WTC 7 knife–type 
connection of 0.85 kip/inch of weld, based on the median toughness value for pre-
Northridge electrodes, is reasonable and recommended.” However, the assumption 
underlying this conclusion, namely that what he terms a “pre-Northridge electrode” was 
used, is not supported by the records of WTC 7’s construction documents. More 
specifically, Prof. Ingraffea assumes that the knife connection weld was fabricated using 
an E70T-4 weld electrode (his so-called “pre-Northridge Electrode”) even though this 
weld electrode type is not listed in any of the weld inspection reports. We conducted a 
comprehensive review of the weld inspection reports. The findings of this review are 
documented in the remainder of this section.  

Prof. Ingraffea is referring to the Northridge earthquake, which occurred in California in 
1994. Building inspections which were conducted after that earthquake discovered 
cracked welds in steel moment frame connections (not knife connections) where steel 
beam flanges were field-welded to column faces. Subsequent study of these cracked 
welds found contributing factors to be the quality of workmanship of the field-welding and 
the type of electrode used. Of the welds that were found to have cracked, many of them 
were constructed using the E70T-4 electrode. Prior to 1994, the potentially brittle 
behavior of the E70T-4 electrode was not widely known but it also was not the only 
electrode used in steel construction. In spite of this and the fact that no knife connections 
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are known to have cracked in the Northridge earthquake, Prof. Ingraffea appears to 
assume that the E70T-4 weld electrode was used simply because construction of WTC7 
pre-dates the 1994 Northridge earthquake. If this were the case, then there would be 
many other steel buildings exhibiting the types of vulnerabilities that he and Mr. 
Nordenson describe and other building collapses would have been observed long before 
September 11th, 2001.    

Welding of the steel members and connections of WTC 7’s structural system has been 
documented by the weld inspection reports issued by Testwell Craig Laboratories, Inc. 
These reports are of two types: Field weld and shop weld inspection reports. As their 
names imply, field welding (FW) was performed on site during the erection of the building 
and shop welding (SW) at the steel fabricator’s plant (shop) prior to shipping the steel 
members to the site. 

As shown in the Frankel Steel shop drawings, the knife connections in WTC 7 had their 
angle plates welded to the column in the shop where their inspection also took place. 
Therefore we reviewed the shop weld inspection reports to identify the type of weld 
electrodes used by the welding contractors. The following is a list of the inspection 
reports that we reviewed from the CANTOR documents: 

1. Report numbers SW1 through SW122 for the welding contractor Bethlehem 
Contracting Co. 

2. Report numbers SW1 through SW115 for the welding contractor L & L. 
3. Report numbers SW1 through SW67 for the welding contractor Owens Steel. 
4. Report numbers SW1 through SW368 for the welding contractor Frankel Steel. 
5. Report numbers SW1 through SW135 for the welding contractor Steel Structures, 

Inc. 

Table 3 and Table 4 list the types of electrodes and their properties used by each of the 
welding contractors. Bethlehem, L & L, and Owens Steel performed shop welding for the 
steel members to be located in the foundation, while Frankel Steel and Steel Structures 
performed shop welding for the superstructure. Frankel Steel was responsible for the 
welding of the angle plates to the column pieces. For columns 79, 80, and 81, Table 5 
lists the column piece mark numbers as identified from Frankel Steel’s shop drawings 
and the corresponding shop weld inspection reports in which electrode types had been 
provided. 

Results of this review show that there is nothing in the available construction documents 
to suggest that any E70T-4 weld electrode was used in the construction of WTC 7. Prof. 
Ingraffea’s assumption is simply not founded in fact.  

Where weld electrodes are fully specified in the weld inspection reports (i.e. E70T-9 and 
EM12K) these were available before the 1994 Northridge Earthquake and provide higher 
toughness than the E70T-4 presumed by Ingraffea in his analysis of the knife connection 
welds. Without establishing any basis for the assumed E70T-4 weld electrode type, the 
resulting conclusions of his study cannot be considered reasonable or accurate. 
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Table 3: List of Weld Electrode Types in WTC 7. 

Electrode Type Location / Piece Mark Welding 
Contractor 

Shop Weld Inspection 
Report Dates 

Airco Veti-Cor 
E7018, E71T-1 Foundation: Caissons Bethlehem 

Contracting Co. SW1 - SW122 9/19/84 -4/10/85 

E-7018, E-7024 Foundation: Grillage L & L SW1 - SW11, SW19 - 
SW84 10/15/84 -2/13/85 

Wire L-61, Wire L-
50 Foundation: Grillage L & L SW12 - SW40, SW52 - 

SW55, SW62 - SW115 10/15/84 -4/12/85 

E-7018, NR311 Foundation Owens Steel SW1 - SW67 12/26/84 - 4/4/85 

E-70XX, E70T-9, 
EM12K Superstructure Frankel Steel SW1 – SW22, SW34 - 

SW368 2/25/85 - 6/20/86 

E-7018, NR311 

Superstructure: 3000 
series shop drawings 
(Beams at Floors 8 to 
43, Temporary Wind 
Bracing) 

Steel Structures, 
Inc. SW1 - SW135 5/21/85 -12/31/85 

 

Table 4: List of Weld Electrode Types in WTC-7. 

Electrode Type Electrode Machine Electrode 
Polarity Electrode Size 

Airco Veti-Cor E7018, 
E71T-1 Lincoln 600 AMPS Reverse 5/32", 1/6" 

E-7018, E-7024 Westinghouse 625 & 480, Miller 500 & 625 AMPS Reverse 5/32", 3/16" 

Wire L-61, Wire L-50 Miller 1500 & 500 AMPS Straight 3/32", 5/32", 
1/8" 

E-7018, NR311 Lincoln 600 AMPS Reverse Varies 

E-70XX, E70T-9, EM12K Lincoln 600 AMPS Reverse Varies 

E-7018, NR311 Lincoln 400 & Miller 400 AMPS Straight 5/32", 3/16", 
1/4" 
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Table 5: List of Shop Pieces for Columns 79, 80, 81 and Corresponding Shop Weld 
Reports 

Column 79 Column 80 Column 81 

Shop 
Drawing 
(Piece 
Mark) 

Shop Weld Inspection 
Report for Frankel 

Steel 

Shop 
Drawing 
(Piece 
Mark) 

Shop Weld 
Inspection Report 
for Frankel Steel 

Shop 
Drawing 
(Piece 
Mark) 

Shop Weld 
Inspection Report 
for Frankel Steel 

59 SW34 60 SW20 44 
Not Available 

 

107 SW62 109 SW62 121 SW67 

178 SW77 180 SW70 179 SW79 

1090 SW91, SW93 1084 SW99 1081 SW89 

1091 SW106, SW108, SW109 1085 SW117 1082 SW93 

1092 SW109, SW110 1086 SW116 1083 SW109, SW114 

1165 SW183 1087 SW114 1107 SW133, SW143 

1189 SW178 1106 SW139 1143 SW154 

1213 SW193 1120 SW160 1167 SW174 

1237 SW201 1142 SW142 1191 SW161 

1261 SW209 1166 SW174 1215 SW195 

1285 SW224 1190 SW169 1239 Not Available 

2809 SW218 1214 SW189 1263 SW207 

2833 SW253 1238 SW203 1287 SW224 

2857 SW262 1262 SW207 2811 SW223 

2881 Not Available 1286 SW218 2835 Not Available 

2700 SW260 2810 SW267 2859 Not Available 

4122 SW284 2834 SW227 2883 SW265 

4146 SW297 2858 SW270 2751 SW273 

4216 SW293 2882 Not Available 4134 SW287 

  
2750 SW263 4148 SW361 

  
4123 Not Available 4218 SW289 

  
4147 Not Available 

  

  
4217 Not Available 
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4.2. Plausibility of connection strength and ductility 
The faulty tension capacity of knife connections derived by Prof. Ingraffea was used in a 
number of analyses performed by Mr. Nordenson. For instance, the axial capacity of the 
springs used to model the knife connections in the GNA “As-built” column buckling 
analyses to connect the girder to the East of column 79 is shown below in Figure 21. This 
figure shows that the peak tensile resistance of the connection is 20.825 kips at 0.011048 
inches of deflection. This extremely low level of deformation required to fail the 
connection brings the veracity of this asserted capacity into question since the in-situ 
connections would almost certainly have been exposed to this level of deformation under 
ordinary service loads without failure.  

 
Figure 21: Axial capacity of springs used to model knife connection in GNA “As-
Built” column stability analysis  

For instance, this deflection limit would be exceeded if the temperature of the girder were 
to cool by more than 1.7°C. This temperature change is calculated from the classic 
temperature-displacement relationship in the equation below [Gere, 1999, p.92], given 
the span of the girder and coefficient of thermal expansion of steel.   

𝜹𝜹𝑻𝑻 = 𝜶𝜶(∆𝑻𝑻)𝑳𝑳 

Where:  

δT = Change in length of the girder ( 0.011048 inches, per GNA “As-built” analyses) 

α = Coefficient of thermal expansion (12E-6/°C at ambient temperature) [Gere, 1999, 
p.891] 

ΔT = decrease in temperature 

L = span of the girder (45ft = 540inches) 

Rearranging terms and solving for ΔT: 

∆𝑇𝑇 =
𝛿𝛿𝑇𝑇
𝛼𝛼𝐿𝐿

=
0.011048

(12 × 10−6 ∙ 540) = 1.7℃ 

There is no doubt that the girder in question would have experienced temperature 
fluctuations well in excess of this low temperature threshold both during construction and 
under ordinary service conditions. Even when the compliance of the connections at both 
ends of the beam is considered (effectively doubling the temperature change required for 
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failure); if the capacity of the knife connections used in the construction of WTC 7 was 
actually as weak as Mr. Nordenson has represented in his calculations, failure of these 
connections would have occurred long before September, 2001.  

The implausibility of the knife connection properties that Mr. Nordenson uses in his 
analyses becomes obvious when the connection behavior, based on these asserted 
properties, is evaluated under gravity loads. One finds that the knife connections would 
fail under ordinary gravity loads alone had they been as weak as suggested by plaintiffs’ 
experts, resulting in collapse of WTC 7 long before September 11th.  

We undertook an analysis using our typical 1-floor failure initiation model that is 
described in more detail in Appendix D. In this model, the tensile properties of the spring 
elements used to model the knife connection welds were substituted with the tension 
properties used by Mr. Nordenson in his “As-Built” column bucking analyses. The 
analysis under gravity loads (Figure 22) indicates that all of the knife connections fail and 
results in widespread collapse of the floor when these properties are used.  Not only is 
the asserted tension capacity of the knife connection unfounded, but it also is 
unrealistically low to the point of absurdity. 

 

 
Figure 22: Re-analysis of the WAI 1-floor failure initiation model with knife 
connection properties proposed by Nordenson under gravity loading results in the 
failure of all 14 knife connections in the model. This is illustrated by the vertical 
displacements (inches) where displacement exceeding 10 inches at the 
connections is shown in pink.  

 

4.3. Non-conformance with tensile test data 
Prof. Ingraffea’s assessment of the knife connection capacity also does not agree with 
the available body of data generated from both modern and pre-Northridge tests of knife 
connections. 
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Appendix A of the Nordenson expert witness report concludes that the knife connections 
provide 0.85 kips of axial tension resistance per inch of connection depth as calculated 
by Prof. Ingraffea. This value was arrived at through analyses that included the effects of 
41.3 kips of vertical shear concurrently acting on a 5 bolt (14.5 inch deep) connection. 
This applied shear constitutes 20% of the ultimate shear capacity which is determined to 
be 205 kips according to AISC table 10-3, (Φ=1.0).  

Figure 23 presents Prof. Ingraffea’s derived tension capacity (per inch of connection 
depth) as a function of the applied vertical shear and compares it to  knife connections 
tested by Guravich and Dawe [Guravich, 2006]. The figure shows Prof. Ingraffea’s 
proposed strength to be lower than the tested articles by approximately a factor of 4. It 
should be noted that a rotation of 0.03 radians (1.7 degrees) was imposed on the test 
articles prior to the application of the tension load. Comparable rotation was not applied 
in Prof. Ingraffea’s analyses; had it been done so, the apparent discrepancy between his 
capacity estimates and the capacity observed in these tests would have been even 
larger.  

 
Figure 23: Ultimate tensile capacity (per inch of connection depth) as a function of 
the applied shear load (as a ratio of the ultimate shear capacity) 

 

Figure 24 compares the tension force vs. deflection curve as derived by Ingraffea and 
provided as the GNA “As-Built” column buckling scenario to the eight knife connection 
curves presented by Guravich and Dawe [Guravich, 2006]. It shows that, in addition to 
deviating from the load bearing capacity of the connections, the connection’s ability to 
deform without breaking is also under-represented by at least a factor of about 20. Again, 
note that the testing regime included a 0.03radian rotation prior to the application of the 
tensile load which was not included in the Ingraffea analysis. The tension properties 
asserted by Prof. Ingraffea are also at variance with knife connection coupon testing 
performed at the University of Arizona by Lebouton and Richard in 1987 [Lebouton, 
1987].  
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Figure 24: Knife connection tensile capacity force vs. deflection curve derived by 
Ingraffea as compared to tested connections [Guravich, 2006].  

 

The presumption that knife connections would have been excessively weak and brittle as 
a result of pre-Northridge construction is also not supported by published test data. 
Physical tests of knife connections in 3, 5, and 7-bolt configurations were conducted prior 
to the 1994 Northridge earthquake by McMullin and Asteneh-Asl in 1988 [McMullin, 
1988]. As part of this battery of tests, knife connections were rotated in excess of 
0.05radians (3degrees) without failure as a demonstration of their ductility. These rotation 
tests generate a moment at the connection that consists of a tensile force component at 
the top of the connection and a compressive force component at the bottom.  

Although Prof. Ingraffea does not directly calculate that rotational behavior of the 
connections, it can be derived following the “component method” [Del Savio, 2009] from 
the tension springs provided in the “As-Built” buckling analyses provided by Mr. 
Nordenson. It can also be computed, as we have done, using finite element analysis 
where Mr. Nordenson and Prof. Ingraffea’s asserted tensile capacity is distributed along 
the length of the angle legs and the model is exercised in rotation.  Comparison of this 
derived moment to the described test data is shown below in Figure 25 failure of the 
connection derived from Prof. Ingraffea’s tensile strength is observed to occur at about 
0.001radians. (0.06degrees).  

Plaintiffs’ experts postulate knife connections capacities that directly contradict the known 
body of test data of these connections both before and after 1994 Northridge earthquake. 
That same postulated capacity does not even satisfy basic plausibility checks under daily 
temperature changes or basic service loads. This postulated behavior was adopted and 
carried forward throughout the analyses conducted by Mr. Nordenson, rendering them 
equally unreliable as a basis for conclusions of any kind.  
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Figure 25: Comparison of moment vs. rotation curve derived from GNA As-Built 
tension curve as compared against test data from McMullin, 1988. The comparison 
shows that the tension capacity proffered by Mr. Nordenson and Prof Ingraffea is 
not compatible with pre-Northridge tests of knife connections.   
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5. SATISFACTION OF 2% LATERAL RESTRAINT 
PROVISION 
Prof. Ingraffea’s and Mr. Nordenson’s inability to accurately estimate the tension capacity 
of the knife connections (described in Section 4) is but one component of their 
mischaracterization of how lateral restraint is provided to the interior columns, which they 
assert does not satisfy the 2% lateral restraint provision of the New York City Building 
Code (NYCBC). In fact, lateral restraint is also provided to the columns through direct 
bearing on the slab and also through transverse loading of the adjacent orthogonal 
framing connections. Although these load paths are commonly recognized in engineering 
practice as appropriate means of significant lateral restraint, both Mr. Nordenson and Dr. 
Colaco have dismissed all contribution from these sources. However, they provide no 
engineering calculations to demonstrate that neglecting these load-paths is indeed 
representative or realistic. In this section, we present detailed calculations that 
demonstrate that direct bearing against the slab is indeed a load path that provides 
considerable lateral restraint to the columns even when the factors posited by Mr. 
Nordenson and Dr. Colaco (such as penetrations, and shrinkage) are accounted for. We 
further show that, when the knife connection capacity is accurately accounted for, direct 
bearing of the column against the concrete slab is treated properly, and the presence of 
the orthogonal framing is included in the calculation, there is abundant lateral restraint 
capacity available to satisfy the 2% provision called for in the NYCBC.  Mr. Nordenson 
and Dr. Colaco’s assertion of code deficiencies in that regard are therefore false and, as 
a consequence, their collapse causation hypothesis even further unfounded. 

5.1. Role of concrete slab in lateral bracing 
Mr. Nordenson claims that the concrete slab plays no role in providing lateral restraint to 
the columns [Nordenson, 2010a, Section 4.2.3}. He overlooks the fact that the columns 
cannot deform laterally by any significant amount without physically bearing against the 
concrete slab. This bearing action, by definition, provides lateral restraint to the column 
and is significant. 

Mr. Nordenson’s rationalization for neglecting the slab consists of the following concepts 
[Nordenson, 2010a, Section 4.2.3]: 

1. Concrete shrinkage would result in a gap between the concrete and the column face 

2. No “positive connection” or specific detail is provided between the column face and 
the slab 

3. Pipe-shaft penetrations would prevent the slab from effectively restraining the 
columns.  

Mr. Nordenson provides no engineering calculation or documentation to demonstrate 
that any of these effects would have occurred as he claims. With closer inspection, 
further study, and simple observation it is easily shown that these claims are unfounded. 

In-situ slab/column interface  
Mr. Nordenson claims that, “in order for a concrete slab to contribute to the lateral 
bracing of an interior column, it must be detailed such that the steel column is able to 
bear against it in compression.” [Nordenson, 2010a, p. 30] 

This is directly refuted by the construction photos taken as part of the Bernstein Morse 
Diesel collection which provide numerous opportunities to examine common in-situ 
configurations of the column/slab interface including the presence of pipe-shafts at “wet” 
columns. These photos demonstrate that column bearing against the slab is present and 
inevitable because the concrete slab is cast up against the column. There is no way in 
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which lateral movement of the column can be conceived to move without bearing directly 
against the slab and being restrained by it. 

Some of these photos, where column details have been zoomed in on and/or cropped to 
focus specifically on the column/slab interface are presented in Figure 26 through Figure 
30 below. In all instances, no gaps are visible between the slab and the column face. 
Pipe-shafts, when present, are generally located some distance from the column 
diagonally from the corners and the space between them is completely filled with 
concrete. Mr. Nordenson fails to explain how it would be possible, given these typical in-
situ conditions, for the column to move laterally by any significant amount without bearing 
against the slab. In fact as these photos show, it is physically impossible.  

 
Figure 26: Photograph 4-20 from the Bernstein Morse Diesel collection, cropped 

 

 
Figure 27: Photograph 9-64 from the Bernstein Morse Diesel collection of the 37th 
Floor on 11/02/89 
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Figure 28: Photograph 7-13 from the Bernstein Morse Diesel collection of the 46th 
Floor on 8/30/89 
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Figure 29: Zoom and cropped portion of Photograph 14-53 from the Bernstein 
Morse Diesel collection of the 39th Floor on 4/02/90 
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Figure 30: Photograph 14-53 from the Bernstein Morse Diesel collection of the 39th 
Floor on 4/02/90 

Presence of design details for slab/column interface 
Mr. Nordeson states “The WTC 7 construction documents provide no details to indicate a 
positive connection between the concrete slab and the columns” [Nordenson, 2010a, 
p.30]. But Mr. Nordenson ignores the photographic evidence that columns would indeed 
bear against and be restrained by the slab, and he further fails to recognize the design 
details that clearly demonstrate that the slab was intended to bear against the column 
face. This is evident in the shelving angles that are placed on the column faces for the 
specific purpose of supporting the metal decking at the column face. By supporting the 
decking at the column face, it shows clear intent to cast the concrete in direct bearing 
against the column. This occurs throughout the building and a specific example is 
provided in Figure 31.  
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Figure 31: Section through column 79 (taken from Frankel steel shop drawing 
1090) showing steel shelving angles (pieces denoted “af” and “ag”) used to 
support the metal decking. 

Slab shrinkage potential 
Mr. Nordenson states “Because concrete has a tendency to shrink when it dries, even if 
wet concrete were raked directly against a column, without an embedded steel 
connection the concrete would pull away from the column surface when drying and no 
longer provide bearing resistance.” [Nordenson, 2010a, p.30]. 

Even though there are no signs of concrete slab shrinkage at the column interface in the 
photos presented previously, we nevertheless performed calculations to estimate the 
maximum possible shrinkage that could potentially occur. These calculations show that, if 
shrinkage were to occur at the slab/column interface, the resulting separation would be 
no more than hairline width and would have no effect whatsoever on the slab’s ability to 
restrain the column. 

Article C26-905.8 of the NYC Building Code states the following: “The design of 
reinforced concrete components shall provide for the forces and/or movements resulting 
from shrinkage of the concrete in the amount of 0.0002 times the length between 
contraction joints for standard weight concrete, and 0.0003 times the length between 
contraction joints for lightweight concrete.” Assuming the column locations in WTC 7 as 
contraction joints for the floor slab, a span of 53 feet would be expected to shrink by 0.13 
inches distributed over 53 feet. This amounts to shrinkage cracks with a width of 0.005 
inches (hairline) spaced at 2 feet on average along the span. Thus, the floor slabs in 
WTC 7 could not have shrunk to the point where they would disengage from the columns 
by more than a hairline crack. 

This is further emphasized by the fact that concrete slabs over metal decks are restrained 
by the metal deck which has zero shrinkage, as stated in the current ACI 318-08 
[ACI, 2008]. Also, the steel reinforcing wire mesh in the concrete and the composite 
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nature of the floors with shear studs further reduces the potential for large shrinkage 
cracks or separations to occur in floor slabs.  

Although neither Mr. Nordenson, nor Dr. Colaco suggest how much shrinkage they 
believe would occur or the size of the gap that they consider likely to form at the 
slab/column interface as a result of this shrinkage, the calculations and assessment 
above demonstrate that any such hypothetical gap would be of insignificant size. This is 
also clearly supported by the photographic evidence presented previously in which no 
such gap is visible at all.   

Pipe shaft penetration size and location  
Pipe shafts were located in the slabs nearby to Column 58, 60, 79, and 81. Mr. 
Nordenson claims that “These details confirm that the designers did not intend for the 
concrete slab to provide lateral bracing to the interior columns.” [Nordenson, 2010a, 
p.31]. 

The presence of these pipe-shafts are indicated not only in the photos above, but also on 
the plumbing drawings (e.g. P-9, P-18, and P-19) and architectural details (e.g. A-3), and 
excerpts from these drawings are shown in Figure 32 and Figure 33 below. Drawing P-9 
[SPI0029802] shows that these penetrations were only present at columns 58, 60, 79, 
and 81 though Mr. Nordenson treats this as an excuse to neglect the slab at all interior 
columns, erroneously suggesting these conditions were the same at all columns. These 
drawings also show that the pipe shafts are placed off the diagonal corners of the column 
rather than directly centered in front of the column faces. This is common practice 
because pipes would otherwise often foul the beams below the floor slab that frame into 
the columns faces. Furthermore, Mr. Levy [Levy, 2010] points out that the standard 
practice is to reinforce pipe-shafts penetrations with steel sleeves. 

 

 
Figure 32: Typical column enclosure detail at “wet’ columns (from architectural 
drawing number 3) indicating diagonal offset placement of pipe-shaft locations  
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Figure 33: Indicative pipe-shaft layout and usage at column 79, as indicated on P-9  

For floors 7 through 20, the plumbing drawings and sprinkler drawings[SPI0029802, 
SPI0029811, SPI0029812, SPI0029650, SPI0029659] show that, at column 79, the pipe 
shafts consists of a 2-1/2” water pipe, 6” sanitary pipe, 8” sanitary pipe (vent), and a 6” 
fire standpipe. The layout of these pipes with regard to the column is shown on Figure 34 
below. The precise distances from the columns where the pipe shafts were located were 
not prescribed in the available construction documents; however, it is clear that concrete 
slab was cast between the pipes and the column faces. A reasonable clear distance of 4” 
between the column corner and the pipe has been estimated as a minimum space 
needed to allow for installation and fitting of pipe splices, joints, and bends in areas 
adjacent to the column (not within the slab). In addition to the photographic evidence, this 
information further illustrate the pipeshafts are not placed in a location where they would 
influence the slabs ability to restrain the column through bearing and the concrete was 
even placed between the pipeshafts and the column such the column is completely 
surrounded by concrete. 

Taken in aggregate, all of these factors demonstrate that the slab was indeed present 
around the column and did provide lateral restraint to the columns through bearing since 
there is no physical way that the column could move laterally with immediately bearing 
against the slab. Therefore, Mr. Nordenson’s and Mr. Colaco’s assertions that the slab 
did not contribute to the lateral restraint of the columns is without basis. Consequently, 
the calculations that fail to account for slab bearing and which they use as a basis for 
their assertion that the NYCBC 2% lateral restraint provision was not met lack basis in 
fact and practice.   
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Figure 34: Pipe shaft layout at column 79, floors 7 through 20. 

5.2.    Tabulation of lateral restraint to all interior columns 
Tables in Attachment I to this Appendix present the lateral bracing capacities for all 
interior columns 58 through 81. These tables show that the 2% lateral bracing provision 
of Article C26-1001.2 of the NYC Building Code is met for all columns at all floors. 
Tabulated capacities are allowable design values; ultimate capacities would be much 
larger. 

There are three main components that contribute to the bracing of a column in a given 
direction: The steel framing along the given direction, the steel framing perpendicular to 
the given direction (i.e. orthogonal framing on either side of the column), and the floor 
slab. The contribution of each component to bracing capacity is tabulated in Attachment I 
and is described in the following sections.  

Steel Framing 
We relied on our computations of the tensile capacity of knife connections, as presented 
in Appendix B, which is supported by the available test data to determine the tensile 
capacity of the knife connections. Accordingly, the ultimate tensile capacity was 
computed as 3.5 kips per inch length of double angle plates of a knife connection. For the 
purposes of these design tables, this ultimate value was multiplied by a factor of 0.6 to 
convert it to an allowable value based on the 1978 AISC Specifications [AISC, 1978, 
pp.5-18]. In addition to our calculated values for the knife tensile capacity, allowable 
design capacities for bolt shear and angle tension yield are also tabulated in Attachment 
I. Out of these, our calculated values for weld prying failure governed failure of knife 
connections in tension in all cases. That weld prying failure governs the tension behavior 
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of these connections in tension is also supported by the available test data [Guravich, 
2006], [McMullin, 1988], [Lebouton, 1987].  

Axial tension and compression capacities for the fin, header, and seated connections 
which are presented in Attachment I are taken from the bolt capacities tabulated in the 
1980 manual of steel construction [AISC, 1980]. 

Orthogonal Steel Framing 
Girders framing into columns from the sides that are orthogonal to the direction being 
checked provide horizontal shear capacity when the framing perpendicular to them is 
subjected to axial tension or compression. In Attachment I, the contribution of the 
orthogonal framing is tabulated when it has a header or a seated connection. The bolts of 
these connections provide capacity through shear when the framing perpendicular to it is 
in tension or compression. This bolt shear capacity was calculated based on the 1978 
AISC Specifications [AISC, 1978, Table 1.5.2.1, p.5-24 and Table I-D, p.4-5]. Orthogonal 
framing capacities for the fin and knife connections have not been presented in the 
tables, but nevertheless would contribute to lateral restraint of columns. 

Along with the regular floor framing in the first seven floors of the building, additional 
bracing is provided to columns by the core braced frames, the 5th floor horizontal truss 
system, and transfer trusses 1, 2, and 3. The bracing is provided by the diagonal 
elements and their connections which are explicitly designed for large axial tension and 
compression forces. 

The core braced frame provides bracing for columns 64 through 75 at floors 1 through 7. 

The 5th floor horizontal truss system provides bracing for all interior columns, except 
columns 65, 68, 71, and 74. Each of the truss elements and their connections are 
especially designed for axial forces, and they can resist hundreds of kips of tension force 
(design forces for the truss elements are shown in structural drawing S-5A). 

Transfer trusses 1, 2, and 3 provide bracing to column 61 at floors 5, 6, and 7, columns 
62 and 80 at floors 5 and 6, columns 73 and 74 at floor 5, and columns 76 and 77 at floor 
7. 

Floor Slab 
Floor slabs provide lateral restraint to the columns by bearing action. The restraint is 
provided by the reinforced concrete slab that bears against the steel column when the 
two are pushed against each other in compression. As demonstrated in Section 5.1 and 
Section 5.3, the presence of floor penetrations or concrete shrinkage does not prevent 
the concrete slab from bracing the columns. 

Bracing capacity provided by the slab bearing is calculated as shown in the following 
example: 

Between the 1st and the 23rd floors of WTC 7, column 79 has a W14x730 cross-section 
with welded side plates. On the north and south sides of this column, the width of the 
column flange and the thickness of the two side plates bear on the floor slab to provide 
bracing to the column. A W14x730 column has a flange width of 17.9 inches and on the 
8th floor, the side plates are 3 inches thick each. The concrete slab on a typical WTC 7 
floor has an average thickness of 4 inches (2.5 inches plus half of the 3 inches of fluted 
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deck). This corresponds to a bearing area of (3+17.9+3) x 4 = 95.6 square inches, and 
an allowable bearing design capacity of 0.4 x 3.5 ksi x 95.6 in2 = 133.8 kips, where 3.5 
ksi is the design compressive strength of concrete (f’c) in a typical floor slab, and 0.4 is 
the allowable factor calculated from the ACI [ACI, 1983, 318-83, p.32, 33, 42]; the 
governing design publication for the building’s concrete components. 

On the east and west sides of column 79, the length of the side plate (26 inches) bear on 
the floor slab to provide bracing to the column. The bearing area is 26 x 4 = 104 in2 and 
the allowable bearing design capacity is 0.4 x 3.5 ksi x 104 in2 = 145.6 kips. 

Only one side of the column cross-section in contact with the floor is considered in 
calculating the slab bearing area. As such, the slab contributes in compression only. In 
reality, concrete slab surrounds the column on all sides like a collar, including the 
recessed areas adjacent to the web of an I-column, such that the column is locked in. 
The column cannot simply be pulled away or yanked out of the slab without any 
resistance from the slab. As such, the slab contributes in tension also, but this was not 
accounted for in the tables in Attachment I.  

Removal of floor slabs adjacent to columns as part of tenant alterations does not 
compromise the columns nor does it suggest that floor slabs were not intended to 
function as lateral bracing. Where floor slabs were removed for tenant alterations, floor 
framing was removed as well. This does not imply that the floor framing was also not 
intended to function as lateral bracing. Both floor slabs and floor framing are structural 
elements that brace the columns. These bracing elements were not required at floor 
levels which were removed because the double-height columns resulting from floor 
removal were strengthened by additional steel plates. Furthermore, the original (base 
building) columns did not need bracing at every floor level as explained in the next 
section. 

Double Height Columns 
Cantor’s design calculations indicate that some of the interior columns were designed for 
an unbraced span of two stories high (double height). For instance, column 79 is 
designed to span between floors 1 and 3 without needing a brace at floor 2 
[CANTOR0004149 and CANTOR0004184]. Therefore, it does not need to meet the 2% 
requirement at floor 2. Similarly, column 80 at floors 2 and 6, and column 81 at floors 2 
and 4 do not need to have the 2% lateral restraint [CANTOR0004150, CANTOR0004154, 
CANTOR0004158, and CANTOR0004185-CANTOR0004188]. This does not imply that 
the columns do not have any restraint at these floors. The double height columns 
designed by Cantor are indicated in the tables in Attachment I. 

The maximum possible unbraced height of a column that can support its axial 
compressive loads without buckling is called the buckling length of a column. Our 
calculations) show that columns 79, 80, and 81 often have design buckling lengths larger 
than the height of two stories, most commonly for the first 15 floors of the building. In 
other words, these columns would have had enough capacity to resist buckling over 2 
floors without any intermediate braces. Bracing is provided by every floor in WTC-7 even 
though the columns did not need bracing at every floor level. 

There are additional factors of conservatism in these calculations such as the provisions 
made in the current AISC Specification for Structural Steel Buildings [AISC 360-05, p. 
16.1-421, 424] which is based on the work of Winter (1958, 1960) who developed the 
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concept of a dual requirement for bracing design using both  strength and stiffness which 
would allow for even higher capacities than what we have calculated.  

5.3. Quantification of in-situ lateral restraint 
Mr. Nordenson’s report includes no documented calculations to quantify the various 
asserted arguments for neglecting the contribution of the slab and orthogonal framing. 
We, however, conducted a detailed finite element analysis to assess the actual amount of 
restraint at column 79 when the asserted effects of shrinkage, penetrations, and adjacent 
trench headers are accounted for. Even though, as explained above, these assertions 
have no basis, we demonstrate here, that Mr. Nordenson’s asserted factors would in any 
event not sufficiently degrade the degree of lateral restraint available at column 79 to 
prevent it from satisfying the 2% code provision. 

The 1-floor failure initiation model described in Appendix B serves as the basis for this 
analysis where a localized portion of the floor slab around column 79 has been removed 
and replaced with a more detailed representation of the slab to more effectively model its 
effects. More specifically, the following modifications were made to that model in order to 
best represent the column bearing interaction with the slab: 

1. The layered shell representation of the slab was removed from the model in an 15 ft  
by 9.5 ft area around column 79. 

2. The layered shell representation of the slab was removed from the model in the area 
where the trench header was located adjacent to column 79. This is an artificially low 
representation of the physical behavior of the slab at the trench header location, but 
the representation was adopted as a simplistic method to demonstrate the bearing 
capacity in Mr. Nordenson’s worst-case scenario with regard to trench-header 
capacity. 

3. Beam elements representing the column, extending above and below the floor slab 
at column 79, were removed from the model. Figure 35 below illustrates the model 
when steps 1 through 3 are implemented. 

4. A detailed continuum model of the 15 ft by 9.5 ft portion of the floor slab to the East 
of column 79 was developed which includes; 9inch and 7inch square openings in the 
floor slab at the sanitary pipe (vent) and fire standpipe penetrations respectively, 1/8” 
inch gap between the column face and slab, cellular deck and 3inch lok-floor decking 
as laid out in NJB drawing 35 [CANTOR2005027], and wire mesh reinforcement. 
Figure 36 and Figure 37 below illustrate this model. 

5. The detailed continuum model was joined to the top flange of secondary beams to 
the east of column 79 with beam elements representing the shear studs at the 
locations described in NJB drawing 47 [CANTOR2005038] and also rigidly connected 
to the top flange of the secondary beams at the eastern extremity of the continuum 
model.  

6. Contact surface interaction between the column face and slab edge was defined. 

7. Eastward motion was imposed on the column stub and the corresponding reaction 
force resisting this motion was monitored to determine the total restraining force 
capacity available to stabilize the column in its in-situ as-built condition. 
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Figure 35: Overall view of model used to assess slab bearing resistance for lateral 
restraint of column 79 with layered shell model of slab removed around column 79 
and at nearby trench header. 

     

 
Figure 36: Introduction of cellular decking, 3”lok floor and wire mesh 
reinforcement in model. (Layered shell representation of slab in surrounding areas 
omitted for clarity) 
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Figure 37: Detailed model of slab around column 79. Note slab penetrations for 
pipe shafts adjacent to column. Empty spaces in the slab indicate where slab has 
been conservatively removed for modeling simplicity.  

The total lateral restraint capacity to eastward movement of column 79 is depicted in the 
force deflection curve presented in Figure 38. It shows that when the restraining capacity 
of all three framing connections along with the bearing capacity of the slab is included, 
the in-situ ultimate lateral capacity is in approximately 350kips when shrinkage, pipe-shaft 
penetrations, and trench headers are accounted for at this location. 
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Figure 38: Force vs. deflection curve quantifying the total lateral restraint capacity 
to eastward movement of column 79.  

  

These calculations not only demonstrate that the 2% lateral restraint provision is satisfied 
at column 79 but, in addition, show that the Mr. Nordenson’s and Dr. Colaco’s 
assumptions that the slab and orthogonal framing do not contribute at all to the lateral 
restraint are not justified. This analysis shows that Mr. Nordenson’s estimated 12kip 
capacity [Nordenson, 2010a, Table C.6.44] and Mr. Colaco’s 11.7kip capacity [Colaco, 
2010, Table 5.1] do not remotely represent the actual as-built conditions in WTC 7 at 
column 79 or anywhere else in the building because the slab and orthogonal framing do 
provide significant lateral restraint to the column.  
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6. COLUMN BUCKLING PHENOMENA  
Mr. Nordenson concludes that, “… lateral bracing code violations at Columns 79 and 
80… were directly responsible for the progression from a local girder failure to a global 
collapse…” [Nordenson, 2010a, p.4]. However, the basis for this conclusion rests on 
inaccurate analyses which include the following errors:   

1. Mr. Nordenson has used the analysis software SAP2000 Version 12 which contains a 
bug that is known to produce inaccurate results for this type of column buckling 
analyses. This section demonstrates that when the GNA’s computer models are re-
analyzed using the current version of the software where this algorithmic inaccuracy 
has been corrected (SAP2000 Version 14), no column buckling is observed to occur 
in Mr. Nordenson’s own unaltered models. 

2. This section also demonstrates that the results of the column buckling analyses used 
by Mr. Nordenson are highly sensitive to the viscous damping and the rate of loading 
assumed in these analyses. Changes to these parameters using SAP 2000 version 
12 result in no buckling of column 79 in Mr. Nordenson’s analyses. Column buckling 
would not and should not depend on these parameters to the point of changing the 
outcome. Furthermore, the viscous damping in the column buckling models is 
incorrectly input and is far from the 99% that GNA included in its model. 

3. Mr. Nordenson has underestimated the knife connection capacities as demonstrated 
in Section 4. Consequently, the column buckling analyses performed by GNA are 
based on incorrect data for the knife connections. This section demonstrates that 
when these column buckling analyses are exercised with knife connection capacities 
that correspond to available test data, no column buckling is observed to occur.  

4. In his buckling analyses, Mr. Nordenson has neglected the contribution of the 
following components that provide additional restraint to columns: the 5th floor 
horizontal truss and its connections to the columns, orthogonal girders and their 
connections to column, and the floor slab. This section demonstrates that when these 
structural components are considered in Mr. Nordenson’s analyses, no buckling of 
column 79 is observed. 

5. Mr. Nordenson’s assertion that the design criteria for column restraint have not been 
met is erroneous as was demonstrated in Section 5. Consequently, a design 
deficiency regarding column restraint could not have been the cause of column 
buckling and subsequent collapse. 

In summary, Mr. Nordenson has developed conclusions and opinions based on a host of 
faulty analyses, including some based on software versions with known algorithmic 
convergence instabilities that affect their results. It is shown below that each of these 
errors individually, when corrected in Mr. Nordenson’s models, lead to a result that 
directly contradicts his findings and opinions.  

Mr. Nordenson’s column buckling analyses are outlined as part of Stage 2 (column 79), 
Stage 3 (column 80), and Stage 5 (column 81) of his Probable Collapse Sequence and in 
Appendix C of his report. In addition to this report, the following computer files produced 
by Mr. Nordenson were examined in our review of his column buckling analyses: 

1. Column 79 As-Built Scenario A.SDB 
2. Column 79 As-Built Scenario B.SDB 
3. Column 80 As-Built.SDB 
4. Column 81 As-Built.SDB 
5. Column 79 Code 2%.SDB 
6. Column 80 Code 2%.SDB 
7. Column 81 Code 2%.SDB 
8. The output files associated with the above SAP2000 input files 
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Apart from the study described in Section 6.1, we evaluated these models using 
SAP2000 version 12, and identified the following issues in Mr. Nordenson’s column 
buckling analyses: 

6.1. Version of the SAP2000 computer program 
Mr. Nordenson’s column buckling analyses were performed in version 12.0.2 (v12) of the 
SAP2000 computer program licensed by Computers and Structures, Inc (CSI). Version 
12 which was released in July 2008 is not the current version. The current version is v14 
and was released in May 2009. When run in v12, Mr. Nordenson’s as-built column 
models (files 1 through 4 in the above list) result in the buckling of the columns. However, 
when the same SAP2000 input files are run in the current version 14.2.0 (v14), buckling 
of columns 79, 80, and 81 does not occur. Our runs of Mr. Nordenson’s input files in 
SAP2000 v14 show that the link elements that he used to represent the double-angle 
knife connections do not fail, i.e. they do not reach the strength limit in tension under 
sustained gravity loads. Consequently, the columns do not sustain large lateral 
deformations that would lead to their buckling. Analyses using v14 result in much smaller 
bending moment demands in the column cross-sections than the v12-derived demands 
such that the columns’ combined bending and axial stresses do not reach their yield 
limits. Table 6 provides a contrast between the maximum bending moment demands in 
the columns computed by Mr. Nordenson using v12 and WAI using v14 (with Mr. 
Nordenson’s input file) and the floors at which the maximum moments occur. This 
comparison shows that 1) the maximum moments in columns in v14 differ by many 
orders of magnitude from their counterparts in v12 since buckling does not occur in v14, 
and 2) the maximum moments occur at different floors in v14, revealing a different 
column behavior than in v12. 

Table 6: Maximum Moment Demands in SAP2000 v12 and v14 based on 
Nordenson’s Column Buckling Computer Models. 

Nordenson 
Scenario by 

Column 

SAP2000 v12* SAP2000 v14** 

Moment (kip-in) Floor Number Moment (kip-in) Floor Number 

79 Scenario A 
76546 5 1187 7 

35353 11 444 8 

79 Scenario B 
62072 5 1288 7 

34565 11 493 8 

80 
34145 7 115 13 

49674 14 63 15 

81 
18941 7 1192 7 

12796 11 588 9 

* Column bending moments at failure in v12 from Mr. Nordenson’s report. 

** Maximum bending moments by WAI using Mr. Nordenson’s computer models in v14. 
The columns do not fail. Maximum moments differ by many orders of magnitude and 
occur at different floors in v14 than in v12. 
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CSI’s release notes dated May 5, 2009 for SAP2000 v14.0.0, Incident number 17152, 
reveals that the reason for differing results is due to a change in v14.0.0 and onward in 
the computation of the stiffness-proportional damping used for direct integration time 
history analysis (the same analysis type that Mr. Nordenson has used). As a result of this 
change, v14 provides better numerical convergence and more numerically stable 
iterations than v12.  

Mr. Nordenson should have utilized the latest version of the SAP2000 program which 
would have led to a completely different set of results. Our review of Mr. Nordenson’s 
computer files show that the buckling he observes in his analytical models does not 
correspond to actual physical buckling. 

 

6.2. Sensitivity to viscous damping 
Mr. Nordenson’s column buckling models are highly sensitive to the viscous damping 
parameters used and are therefore unreliable for a column buckling analysis, because 
the outcome of whether a column buckles or not should not depend so much on a 
damping parameter within the range of realistic damping values. Furthermore, the two 
control periods at which damping values are prescribed in his model have no relation to 
the actual structural modes computed in the GNA models, which is contrary to any known 
practice in structural dynamics and renders the entire analysis if not contrived then 
inaccurate at best. Mr. Nordenson has used time-history analysis and selected a 
proportional viscous damping ratio of 99% to quasi-statically apply gravity load to the 
columns; this is done to avoid a dynamic response. He specifies this damping ratio at 3-
second and 0.005-second periods and then has the program compute the mass 
proportional and stiffness proportional damping coefficients based on these two control 
periods. 

A review of the structural modal periods in Mr. Nordenson’s column buckling models 
reveals no relation between the control periods and the structural modes. The first 116 
structural modes lie in the range of 0.562 seconds to 0.013 seconds for column 79 
scenario A (The first 116 modes include at least 90% of the participating mass of the 
structure in the weak axis direction of the column, which is the axis about which buckling 
supposedly takes place in Mr. Nordenson’s analysis). The range of modal periods for the 
other column buckling models is similar and provided in Table 7. The two control modes 
chosen by Mr. Nordenson (3-seconds and 0.005-seconds) do not relate to any of the 116 
structural modes. This poor choice of widely spaced control periods effectively results in 
damping ratios lower than 99% for all of the 116 modes and therefore the structural 
system is not close to having 99% damping, which is the intended target value as 
described in Mr. Nordenson’s report. 
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Table 7: Range of Modal Periods 

Column Mode Number Period (seconds) Mass Participation in the 
direction of column buckling 

79 Scenario A 
1 0.562 

93% 116 0.013 

79 Scenario B 
1 0.563 

93% 119 0.013 

80 
1 0.473 

90% 162 0.009 

81 
1 3.862 

90% 159 0.011 

 

Instead, Mr. Nordenson should have chosen the two control periods closer together. As 
recommended by textbooks on dynamics of structures [Clough, 1993], a meaningful 
choice for control periods would have been the first (fundamental) period of the structural 
model and another set among the smaller periods of the modes that contribute 
significantly to the response (in this case, column’s buckling response in the weak axis 
direction). Table 8  identifies two such control periods for each of Mr. Nordenson’s 
column buckling models. Our runs of his computer models in which 99% proportional 
damping was specified at the periods listed in Table 8 show that the link elements 
representing the double angle knife connections with capacities selected by GNA, do not 
fail and buckling of column 79 does not occur for both of Mr. Nordenson’s scenarios A 
and B. Table 9 shows that the maximum bending moment demands in the column cross-
sections are much smaller than values computed by Mr. Nordenson and they occur at 
different floors. Note that we varied only one parameter (damping) in the above analysis 
performed in v12. All other parameters in Mr. Nordenson’s analysis, including the ones 
discussed in the rest of the subsections, were unchanged in our analysis. 
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Table 8: Control Periods 

Column 

WAI GNA 

Mode Number Period (seconds) Mode Number Period (seconds) 

79 Scenario A 
1 0.562 

GNA control 
periods do not 
relate to any of 
the structural 
mode numbers. 

3.000 

11 0.082 0.005 

79 Scenario B 
1 0.563 3.000 

9 0.101 0.005 

80 
1 0.473 3.000 

13 0.051 0.005 

81 
3* 0.522 3.000 

9 0.215 0.005 

* The first two modes for column 81 are neglected as they have no mass participation in 
buckling response. 

 

Table 9: Maximum Moment Demands Using Damping Coefficients by Nordenson 
and WAI.  

Column 
Damping Coefficients by GNA* Damping Coefficients by WAI** 

Moment (kip-in) Floor Number Moment (kip-in) Floor Number 

79 Scenario A 
76546 5 1262 7 

35353 11 490 8 

79 Scenario B 
62072 5 1310 7 

34565 11 508 8 

* Column bending moments at failure in v12 from MR. Nordenson’s report. 

** Maximum moments by WAI using Mr. Nordenson’s computer models in v12. Maximum 
moments differ by many orders of magnitude and occur at different floors when damping 
is properly increased towards its intended target value of 99%. 

 

Using our recommended control periods, larger mass proportional and stiffness 
proportional damping coefficients were computed by the program. Mr. Nordenson’s 
analyses reveal a high sensitivity to relatively small variations in damping, well beyond 
what is physically meaningful, and more importantly changes the primary outcome of the 
analysis (i.e., whether the column buckles or not) which he relies on to draw conclusions 
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concerning the mechanisms and causes of the WTC 7 collapse. These conclusions rest 
on weak and incorrect foundations. 

In addition to the column buckling models, Mr. Nordenson’s floor diaphragm model 
(discussed in Section 7) is also highly sensitive to damping and uses arbitrary control 
periods for damping, leading to an equally unreliable model. 

 

6.3. Sensitivity to rate of loading 
Mr. Nordenson’s column buckling computer models are also found to be highly sensitive 
to the rate at which gravity load is applied on the column and are therefore unreliable for 
the purposes he intends because column buckling under quasi-static conditions should 
not depend on the rate of loading. 

Mr. Nordenson has used a ramp function to quasi-statically apply gravity load on the 
columns. The ramp function has a linear first stage over one second followed by a 
plateau. This indicates that the gravity load on the columns was gradually increased from 
zero to its full value over a period of one second and held constant thereafter 

Our review of Mr. Nordenson’s column buckling analyses shows that the results of his 
analyses are sensitive to the rate of loading. For his column 79 scenarios A and B, when 
the gravity load on the column is ramped over a five second period instead of one 
second, the link elements that represent the double angle knife connections, with the 
capacities specified by GNA, do not fail and the column does not buckle. As for columns 
80 and 81, the same 5-second loading ramp results in column failure at a much later 
point in time in the analysis, revealing a different column behavior and indicating that 
dynamic effects are still artificially driving the outcome. The resulting maximum bending 
moment demands for column 79 are tabulated in Table 10 and compared with Mr. 
Nordenson’s values. This comparison shows that the maximum moments are much 
smaller than their GNA-computed counterparts and they occur at different floors. Note 
that we varied only one parameter (load rate) in the above analysis performed in v12, the 
version selected by GNA. All other parameters in Mr. Nordenson’s analysis, including the 
ones discussed in the rest of the subsections, were unchanged in our analysis. It is even 
more telling that when the “5-second ramp” analyses are run in SAP2000 v14, none of 
the columns buckle. 

The buckling analyses are intended to evaluate the stability of the columns under a static 
load and therefore should be conducted such that the rate of loading does not influence 
the results. The fact that it does alter the primary outcome of the analysis, namely 
whether a column buckles or not, which Mr. Nordenson relies upon to draw conclusions 
regarding the mechanisms and causes of collapse, demonstrates that these analyses are 
in error. 
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Table 10: Maximum Moment Demands from Different Rates of Loading 

Column 
Load Applied in 1 second* Load Applied in 5 seconds** 

Moment (kip-in) Floor Number Moment (kip-in) Floor Number 

79 
Scenario A 

76546 5 1239 7 

35353 11 437 8 

79 
Scenario B 

62072 5 1309 7 

34565 11 457 8 

* Bending moments in column at failure in v12 from Mr. Nordenson’s report. 

** Maximum moments by WAI using Mr. Nordenson’s computer models in v12. Maximum 
moments differ by many orders of magnitude and occur at different floors when rate of 
gravity load is varied. 

6.4. Knife Connections 
As discussed in Section 4, we do not agree with the unrealistically small force and 
deformation capacities of the double angle knife connections in tension as put forth by 
Prof. Ingraffea. Section 4 also provides our force and deformation capacities for these 
connections per inch of connection depth (unit length of angle plate) as shown in Figure 
39. We modified the force-displacement properties of each of the nonlinear link elements 
representing a knife connection in the GNA SAP2000 computer models to reflect our 
derived connection capacity which is validated by test data. We then re-ran GNA’s 
models in SAP2000 v12, only altering the knife connection properties, and extracted the 
maximum bending moment demands in columns 79, 80, and 81 which we list in Table 11. 
The tabulated values are much smaller than the moment demands obtained by Mr. 
Nordenson; the maximum stresses in the column sections do not exceed the yield 
strength of the columns when using the proper values for the knife connections and the 
columns do not buckle. 

Since we altered only one parameter (knife connection capacity curve), while holding the 
rest of Mr. Nordenson’s parameters constant for comparison purposes, our analysis 
assumed no restraining contribution from the slab or the orthogonally-framing girder, thus 
resulting in a column restraint that was less than 2% of the column axial load. Even so, 
the analysis shows that the columns do not buckle. This is an indication of the 
conservative nature of the code 2% restraint provision; even a lesser value restrains the 
columns sufficiently and inhibits buckling.  Therefore, Mr. Nordenson’s analysis 
inaccurately finds a causal link where none exists.  
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Figure 39: WAI Force-Displacement Curve for Unit Depth of Knife Connection. 

 

 

 

Table 11: Maximum Moment Demands with Different Knife Connection Properties 

Column 
GNA Knife Connections* WAI Knife Connections** 

Moment (kip-in) Floor Number Moment (kip-in) Floor Number 

79 Scenario A 
76546 5 1178 7 

35353 11 338 9 

79 Scenario B 
62072 5 1220 7 

34565 11 352 9 

80 
34145 7 284 5 

49674 14 784 13 

81 
18941 7 948 7 

12796 11 338 6 

* Bending moment in columns at failure in v12 from Mr. Nordenson’s report. 

** Maximum moments by WAI using Mr. Nordenson’s computer models in v12. Maximum 
moments differ by many orders of magnitude and occur at different floors when knife 
connection capacities validated by test data are used in analysis. 
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6.5. The 5th floor horizontal diaphragm truss 
Mr. Nordenson’s column buckling analyses do not account for the lateral restraint 
provided by the horizontal truss connections at the 5th floor. If one is to follow Mr. 
Nordenson’s proffered sequence of failures, truss diagonals connecting to columns 79 
and 80 from the west and the south, and column 81 from the east and the south should 
have been incorporated in Mr. Nordenson’s column buckling models. Accordingly, there 
should be 2 intact truss diagonals restraining column 79, 3 for column 80, and 1 for 
column 81. Note that the truss elements and their connections are especially designed 
for axial forces, and each element can resist hundreds of kips of tension force (design 
forces for the truss elements are shown in structural drawing S-5A). The truss elements 
essentially brace the columns by providing them with additional restraint at the 5th floor 
and considerably reduce the unbraced height of the columns if and when the knife 
connections fail and unzipping of the floor restraints take place. 

Computer runs of Mr. Nordenson’s column models with the only change being applying 
bracing at the 5th floor level show that column 79 does not buckle in both scenarios A and 
B. Column 79 does not sustain large lateral deformations that would lead to its buckling 
due to the presence of the intact truss elements located within the 5th floor slab. 
Furthermore, the knife connections do not fail at any of the floor levels. The resulting 
maximum bending moment demands in column 79 are tabulated in Table 12 and 
compared with GNA’s values. This comparison shows that the maximum moments are 
much smaller than those computed by Mr. Nordenson and they occur at different floors. 
Once more, correcting only one of Mr. Nordenson’s numerous and erroneous modeling 
assumptions reverses the primary outcome of GNA’s analysis upon which Mr. 
Nordenson’s conclusions rest. 

 

Table 12: Maximum Moment Demands for Column Braced at the 5th Floor 

Column 
GNA – 5th Floor Truss Neglected* WAI – 5th Floor Truss Included** 

Moment (kip-in) Floor Number Moment (kip-in) Floor Number 

79 Scenario A 
76546 5 7878 5 

35353 11 4567 8 

79 Scenario B 
62072 5 5070 5 

34565 11 4311 7 

* Bending moment in columns at failure in v12 from Mr. Nordenson’s report. 

** Maximum moments by WAI using Mr. Nordenson’s computer models in v12. Maximum 
moments differ by many orders of magnitude and occur at different floors when the 
restraint by horizontal truss is not neglected in the computer model. 

 

6.6. Column restraint by orthogonal girder 
Aside from the host of computer modeling issues previously discussed, GNA’s column 
buckling analyses fail to account for existing lateral restraints provided by the girder 
connection orthogonal to the direction in which knife connection failure would occur in Mr. 
Nordenson’s proffered scenario. As the knife connection is pulled in tension, the 
orthogonal girder which is anchored into the slab with shear studs reacts by bending 
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about its minor axis and thus providing additional resistance to the buckling of the column 
at each floor level. For instance, the girder to the south of column 79 bends about its 
minor axis when the knife connection to the west of column 79 is in tension. Note that the 
floor slab (and therefore the floor framing) to the south of column 79 is intact at the start 
of the buckling analysis. This provides the restraint necessary to prevent bending failure 
in the girder south of column 79. This girder is connected to column 79 by a knife 
connection also, but in this case the knife connection reacts in horizontal shear providing 
larger capacity than same connection in direct tension. 

6.7. Column 80 knife connections 
Mr. Nordenson’s computer model for buckling of column 80 uses values for connection 
capacities that are at odds with what he has reported. No basis is provided for the choice 
of capacity values in his computer model. The double angle knife connections for the 
girder connecting to column 80 from the south have a depth of 14.5 inches on a typical 
floor as shown in [Nordenson, 2010a, Table C5.23]. Based on Prof. Ingraffea’s tension 
capacity of 0.85 kips per inch depth of knife connection, the column 80 south connections 
would have an axial tension capacity of 0.85 x 14.5 = 12.3 kips. However, Mr. 
Nordenson’s computer model capacities are input as 7.2 kips for all of the connections of 
column 80 above floor 7. This inconsistency makes the connections much weaker than 
posited by Prof. Ingraffea and makes the column even more artificially prone to buckling. 
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7. FLOOR DIAPHRAGM FAILURE  
This section examines Mr. Nordenson’s floor diaphragm failure model and shows it to be 
erroneous and unreliable. Mr. Nordenson’s entire sequence of horizontal collapse 
propagation due to trench headers is demonstrably false. This section documents the 
instances where Mr. Nordenson fails to take into account the in-situ construction used in 
the building and the effects that it has on the behavior of the building. When we correct 
his errors, we show that the presence of trench headers plays no role in the collapse of 
the building. The following errors are addressed: 

1. Mr. Nordenson has oversimplified the representation of the eastward pull on the 
intact western floor segments due to the collapse of the eastern floor segments. We 
show that when the eastward pull is represented more realistically by three or more 
point loads (or a uniformly distributed load) instead of only two point loads, no floor 
failure is observed to occur at the trench headers. 

2. Mr. Nordenson’s report is inconsistent with his floor-diaphragm computer model. The 
nature of the loading function for the eastward pull in his computer model does not 
reflect his description for the response of the falling and rotating eastern floor 
segments. 

3. In Mr. Nordenson’s floor diaphragm analysis, the connections at the application point 
of the eastward pull could not have supported this force and would have failed. 
Therefore, the intact western floor segments could not have been subjected to the 
force demands in the manner asserted by Mr. Nordenson. 

4. Mr. Nordenson has underestimated the knife connection capacities as demonstrated 
in Section 4. Consequently, the floor diaphragm analysis performed by Mr. 
Nordenson is based on incorrect data for the knife connections. In this section we 
demonstrate that when this floor diaphragm analysis is exercised with knife 
connection capacities that correspond to available test data, no floor failure is 
observed to occur at the trench headers. 

5. In his floor diaphragm analysis, Mr. Nordenson has neglected the contribution of the 
fin plate connections that provide additional resistance to floor rupture. Section 7 
demonstrates that when fin plate connections are considered in Mr. Nordenson’s 
analysis, no floor failure is observed to occur at the trench headers.  

6. Similarly, Mr. Nordenson has underestimated the header connection capacities as 
demonstrated in Section 7.6. Consequently, the floor diaphragm analysis performed 
by Mr. Nordenson is based on incorrect data for the header connections. Section 7 
demonstrates that when this floor diaphragm analysis is exercised with header 
connection capacities that correspond to available test data, no floor failure is 
observed to occur at the trench headers.  

7. Mr. Nordenson has misrepresented the trench headers in his computer model by 
assigning them the capacity of puddle welds at deck joints and thus underestimating 
the actual trench header capacity. 

Mr. Nordenson’s floor diaphragm analysis is outlined as part of Stage 5 of his Probable 
Collapse Sequence and in Appendix D of [Nordenson, 2010a]. In addition to this report, 
the following computer files obtained from Mr. Nordenson were examined in our review of 
his floor diaphragm analysis: 

1. Floor Diaphragm.SDB 

2. The output files associated with the above SAP2000 input file 

We analyzed this model, varying only one parameter at a time using SAP2000 Version 
12 and identified the following issues and errors in Mr. Nordenson’s floor diaphragm 
analysis: 
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7.1. Location of horizontal loads 
GNA’s floor diaphragm model has two eastward horizontal point loads imposed on it 
which GNA uses to represent the tugging effect of the falling floor segments to the east of 
the intact portion of the floor. The concentration of the horizontal loads into only two point 
loads, as shown in Figure 40, is unreasonable and unrealistic. The falling floors to the 
east, as imagined in Mr. Nordenson’s construct, would exert their load along the entire 
width of the building from the north to the south perimeter frames. Along this width, all the 
girders in the east-west direction as well as the floor deck and the concrete slab would be 
subjected to the eastward tugging forces as shown in Figure 41. Keeping constant the 
total eastward force posited by GNA, but distributing it across the width in a physically 
meaningful way would not result in any failure of the floor diaphragm at the perimeter of 
the core or at the trench headers. In other words, the outcome of Mr. Nordenson’s 
analysis reverses when a more realistic loading distribution is incorporated into his 
model. This is illustrated by the following example: 

The eastward load is concentrated into three point loads instead of two. The three point 
loads are applied as shown in Figure 42. The three points correspond to the locations of 
the support provided by the east-west girders at columns 73, 74, and 75 (Mr. 
Nordenson’s two point loads were applied only at columns 73 and 75, although his report 
acknowledges the support provided by all three of the columns on page D7). GNA’s total 
diaphragm load is 151 + 145 = 296 kips (Figure 40). A three point load distribution would 
be distributed in a ratio of 40%, 20%, and 40% based on respective tributary areas of the 
falling floor (Figure 42). The connections between various segments of the floor and at 
the trench headers are represented by a series of link elements in GNA’s floor diaphragm 
model and are kept as is. The analysis of Mr. Nordenson’s model with the three point 
load distribution reveals that the concrete slab link element number 47 (Figure 43 – the 
first element that fails and initiates the unzipping/rupture of the floor from east to west 
when two point loads are used) does not fail. The maximum tension force on element 47 
is computed as 16 kips which does not exceed its capacity of 23.9 kips. Link element 
number 44 (Figure 43) is the first double angle knife connection that fails during the 
unzipping of the floor when two point loads are used. The maximum tension force on this 
knife connection is computed as 2.3 kips and is less than the capacity of 7.2 kips that Mr. 
Nordenson posits (an unrealistic one at that). The force-displacement demand on these 
two elements 44 and 47 is shown in Figure 44. The maximum forces on the rest of the 
link elements in the model are also smaller than the capacities GNA posits. None of the 
link elements fail and the floor does not rupture under an only marginally more 
reasonable distribution of diaphragm forces. 

Other analyses in which the eastward load is distributed into more point loads produce a 
similar outcome and result in even smaller demands at the connections in Mr. 
Nordenson’s computer model. 

Even under Mr. Nordenson’s collapse scenario, a two point load representation of the 
eastward pull of a collapsing floor is unrealistic. In reality, the load would be distributed 
through the width of the floor. However, applying the load at just three locations is 
sufficient to show that the unzipping and failure of the floor along the core perimeter and 
the trench headers does not occur. Mr. Nordenson’s own computer model shows that the 
building collapse could not have progressed horizontally in the manner he asserts. 
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Figure 40: Two Point Loads on Diaphragm Model 

 

 
Figure 41: Distributed Load on Floor Diaphragm 

 

145 kips

151 kips
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Figure 42: Three Point Loads on Floor Diaphragm 

 
Figure 43: Location of Link Elements Number 44 and 47 

 

118.5 kips

118.5 kips

59 kips

Element 47 
(Slab)

Element 44 
(Knife)
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Figure 44: SAP Output for Axial Force-Displacement for Elements 44 and 47 for 
Three-Point Loading. No failure observed. 

 

7.2. Loading Function 
In his floor diaphragm analysis, Mr. Nordenson makes an unrealistic assumption that the 
falling floor slabs can rotate about their support point up to an angle of θ=45° and still 
remain attached to transfer a horizontal load to the remaining floor slabs. The basis for 
Mr. Nordenson’s rotation angle and horizontal loading on the diaphragm is illustrated in 
Figure 45 which is reproduced from [Nordenson, 2010a, Figure D2.5a,b]. Mr. Nordenson 
has selectively used the 45° angle in his computer model which produces the largest 
horizontal load based on his assumed dynamic motion of the rotating slabs and he has 
assumed the floor connections would still transfer this load to the floor slabs to the west. 
As shown in the next subsection, the small capacities that Mr. Nordenson has attributed 
to floor connections cannot transfer a load corresponding to θ=45° but only a smaller 
horizontal load at a much smaller rotation angle. As such, building collapse could not 
have progressed horizontally in the manner described by Mr. Nordenson. 

 

Element 47: 16 kips (Tension)

Element 44: 2.3 kips (Tension)
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Figure 45: Basis for Horizontal Loading on Diaphragm Model (Reproduced from 

Figure D2.5a,b on Page D8 of GNA Report). 

 

7.3. Failure at point of load application 
The connections at the application point of the eastward pull have been neglected in Mr. 
Nordenson’s analysis. Had they been considered, they could not have supported this 
eastward force, hence the intact western floor segments including the trench headers 
could not have been subjected to this force, and therefore the horizontal collapse 
propagation would not have happened in Mr. Nordenson’s model as he states.  

Mr. Nordenson argues that the rotating floor slabs impose tension on the remaining intact 
slabs, as illustrated in Figure 46. This tension force is applied at columns 73 and 75 due 
to the loss of support from columns 76 and 78, respectively. However, the two 
concentrated loads of 151 and 145 kips applied at columns 73 and 75 are much larger 
than Mr. Nordenson’s capacities for the girder connection on the east sides of columns 
73 and 75. Based on connection capacities at the 14th floors as reported on pages C73 
and C77 of Mr. Nordenson’s report, the seated connection to the east of column 73 has a 
design capacity of 42 kips in tension and the header connection to the east of column 75 
has a design capacity of 33.6 kips in tension. In spite of these limiting capacities that Mr. 
Nordenson ascribes to these locations, in this analysis, he imposes forces of 151 and 
145 kips (3.6 and 4.3 times larger than these values) through these connection. 
Therefore, the connections at columns 73 and 75 could not have supported the tension 
force from the rotating floor slabs and would have failed. The failure of these connections 
would prevent the tension force from being transferred to and imposed on the remaining 
intact floor slabs to the west. Hence, the floor diaphragm model could not have 
experienced the tension force of 151 and 145 kips due to the falling floor slabs. 
Therefore, the horizontal progression of collapse could not have occurred due to the 
presence of trench headers, as Mr. Nordenson posits. 
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Figure 46: Rotating Floor Slabs Imposing Tension on Intact Slab. 

(Reproduced from Figure D2.4 on Page D7 of GNA Report) 

 

7.4. Knife connections 
Section 4 describes Mr. Nordenson’s misrepresentation of the capacities of knife 
connections and these errors figure prominently again in his floor diaphragm analysis. In 
addition to the discrepancies previously described, the inconsistencies between the 
properties derived by Mr. Nordenson and those derived by ARUP for these connections 
are expanded in this analysis to include the shear behavior.  

Figure 47 and Figure 48 show respectively the axial and shear force capacity curves for 
3-bolt knife connections used by Mr. Nordenson in his floor diaphragm model while 
capacity curves presented by ARUP for a 3-bolt knife connection are shown in Figure 49, 
reproduced from [Bailey, 2010, p. D124]. Comparison of these curves again illustrates 
that Mr. Nordenson and ARUP use wildly different properties for the very same 
connection in different analyses. For instance, the ductility assigned by ARUP is orders of 
magnitude greater than that of Mr. Nordenson. Additionally, the force capacities 
presented by ARUP are also much larger than those by Mr. Nordenson. Had Mr. 
Nordenson used ARUP’s knife connection capacity curves, his model would not 
propagate the collapse and therefore would not cause failure at trench header. 

Our own assessment of the knife connections, as described in Appendix B, is configured 
to conform to available test data and does not match either set of the characteristics 
proffered by Mr. Nordenson and ARUP. For the 3-bolt knife connections used in the floor 
diaphragm model, we supply the capacities that we have derived for the axial and shear 
properties in Figure 50 and Figure 51 and we have applied these properties to the 
appropriate connections in Mr. Nordenson’s floor diaphragm model as illustrated in 
Figure 52. 

We ran Mr. Nordenson’s model with the correct knife connection properties, resulting in 
the axial force-displacement demand curves shown in Figure 53 for the concrete slab link 
element 47 and the knife connection link element 44. In this analysis, Element 47 is the 
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first element that fails and initiates the unzipping of the floor from east to west. Figure 53 
shows that again in this case Element 47 reaches its tension capacity of 23.8 kips and 
fails at 0.78 seconds; however, the easternmost knife connection element 44 picks up the 
force at this time, reaches a maximum force of 10.5 kips in tension, and does not fail 
because it never reaches its capacity of 29.4 kips. Hence, the floor diaphragm rupture is 
arrested by the knife connections. Unzipping of the link elements at the perimeter of the 
building core, i.e. separation of the floor segments from the building core does not occur 
except at the easternmost concrete slab element. Progression of floor failure from east to 
west does not even come close to reaching the trench headers.  

Another issue with the knife connection properties used in Mr. Nordenson’s computer 
model is that the ultimate capacity in both compression and tension is the same, i.e. 7.2 
kips. The compression capacity should have been more than the tension capacity of the 
knife connection. Also, Mr. Nordenson has defined the knife connections as nonlinear 
elastic instead of plastic in his computer model. They should have been defined as plastic 
(inelastic) elements since unloading them would result in a permanent deformation. None 
of these two issues affect the analysis results because knife connections are subjected to 
an increasing tension load in this floor diaphragm analysis; they are not unloaded or 
subjected to compression. However, these issues would become relevant if the imposed 
load were to be realistically distributed across the floor width or applied at more point 
locations as described in Section 7.1, in which case the knife connections would also 
experience compression forces. 

 

 

Figure 47: GNA Axial Force Capacity Curve for 3-Bolt Knife Connections. 
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Figure 48: GNA Shear Force Capacity Curve for 3-Bolt Knife Connections. 

 

 

Figure 49: ARUP Axial and Shear Force Capacity Curves for 3-Bolt Knife 
Connections. 
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Figure 50: WAI Axial Force Capacity Curve for 3-Bolt Knife Connections. 

 

 
Figure 51: WAI Shear Force Capacity Curve for 3-Bolt Knife Connections. 
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Figure 52: Location of Knife Connections. 

 

 
Figure 53: SAP Output for Axial Force-Displacement for Elements 44 and 47 (Run 

with WAI Knife Connections). 

 

Element 44: 10.5 kips (Tension)

Element 47: 23.8 kips (Tension)
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7.5. Fin plate connections 
Mr. Nordenson has also neglected the presence of fin plate connections in his floor 
diaphragm computer model. When the capacities of these connections are included in 
the model while keeping all other parameters the same, horizontal progression of floor 
diaphragm failure does not occur and trench headers play no role in collapse. 

In addition to the various floor framing connections identified by Mr. Nordenson in his 
computer model, there are fin plate connections between the building’s core area and the 
southern segment of the floor slab (referred to as Region B in Mr. Nordenson’s report). 
These 3-bolt fin plate connections are located at the southern end of the W12x19 beams 
running north-south in the core area and framing into the girders along the southern 
perimeter of the building core. Locations of the fin plate connections are illustrated in 
Figure 54. The contribution of these fin plate connections to the capacity of the link 
elements assigned along the southern perimeter of the building core has been neglected 
in Mr. Nordenson’s analysis. These link elements consider only the slab reinforcement 
and the metal deck connectivity. Table D2.4 in Mr. Nordenson’s report makes no 
reference to the fin plate connections. The tension capacity of the concrete link elements 
along the south edge of the core is 23.9 kips whereas along the north edge it is 118 kips. 
The big difference arises from the fact that the seated connections of the beams framing 
into girders along the north edge are considered but the fin plate connections located 
similarly along the south edge are not. 

The capacity curves for the 3-bolt fin plate connections are provided in Figure 55 and 
Figure 56 and are described in Appendix B. The maximum capacities are 140 kips in 
axial tension, and 43 kips in shear. Our analysis of the floor diaphragm with the fin plate 
connections (links shown in Figure 54 replaced with the fin plate properties from Figure 
55 and Figure 56) results in no failure of the floor at the trench headers. The resulting 
axial force-displacement demand curves for the concrete slab link element 47 (which is 
now a fin plate connection) and the knife connection link element 44 are shown in Figure 
57. Element 47 has a maximum force of 15.3 kips in tension, less than its capacity of 140 
kips (or the previous slab capacity of 23.9 kips). Knife connection element 44 has a 
maximum force of 5.3 kips in tension, less than its capacity of 7.2 kips Mr. Nordenson 
posits. Unzipping of the link elements at the perimeter of the building core, i.e. separation 
of the floor segments from the building core does not occur. Therefore, horizontal 
progression of collapse due to the presence of trench headers is not observed. 
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Figure 54: Location of Fin Plate Connections Ignored by Plaintiffs 

 

 
Figure 55: Axial Force Capacity Curve for 3-Bolt Fin Plate Connections 
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Figure 56: Shear Force Capacity Curve for 3-Bolt Fin Plate Connections 

 

 

 
Figure 57: SAP Output for Axial Force-Displacement for Elements 44 and 47 (Run 

with Fin Plate Connections). No failure is observed. 
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7.6. Header connections 
Mr. Nordenson’s floor diaphragm analysis not only mischaracterizes the knife connection 
behavior as illustrated in Section 7.4 but also the header connection capacity. When 
proper header connection properties are considered, Mr. Nordenson’s model fails to 
propagate the collapse from east to west and therefore does not cause failure at the 
trench header.  

Figure 58 and Figure 59 show respectively the axial and shear force capacity curves for 
8-bolt header connections used by Mr. Nordenson in his floor diaphragm model. Once 
again, these are at variance with capacity curves presented by ARUP for a 6-bolt header 
connection as shown in Figure 60 (reproduced from [Bailey, 2010, p. D123]). The ductility 
assigned by ARUP is orders of magnitude greater than that of Mr. Nordenson; ARUP’s 
representation of the connections are also significantly stronger. Note that the ARUP 
curve corresponding to an 8-bolt header connection would have even larger capacities 
than a 6-bolt connection. Had Mr. Nordenson used ARUP’s header connection capacity 
curves, his model would fail to propagate the collapse and therefore would not cause 
failure at trench header. 

Our own properties for the header connections are developed on the basis of a highly 
refined localized model of the connection, as described in Appendix D. It does not match 
either set of the characteristics proffered by Mr. Nordenson and ARUP, whose properties 
are derived from simplistic considerations. Our header connection axial and shear 
properties are provided in Figure 61 and Figure 62, respectively, for the WTC 7 8-bolt 
header connections. We implemented these into the floor diaphragm model at the 
locations illustrated in Figure 63. 

We then analyzed Mr. Nordenson’s model with these properties resulting in the failure of 
the connections along the southern perimeter of the core. In this analysis, the capacities 
of all connection types other than the header connections were not changed in order to 
single out the effect of the header connections on the response of the floor diaphragm. 
Note however, the largest displacement at the easternmost end of the southern perimeter 
is not more than one-third of an inch. The separation between the core and the southern 
floor segments is even less than that. These values have reached their maximums and 
do not increase any further with time. Thus, floor rupture does not occur even though the 
connections along the southern perimeter of the core have failed. This is because the 
connections at the trench headers at the western end of the core do not fail, preventing 
floor rupture at the trench headers which prevents further separation along the southern 
perimeter of the core. The axial force-displacement demand curves for the first three link 
elements at the south trench header are shown in Figure 64; the location of these 
elements is shown in Figure 65. The trench header link elements reach to the maximum 
values of tension force shown in Figure 64 and do not fail. Progression of floor failure 
from east to west is thus arrested.  
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Figure 58: GNA Axial Force Capacity Curve for 8-Bolt Header Connections. 

 

 

 

Figure 59: GNA Shear Force Capacity Curve for 8-Bolt Header Connections. 
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Figure 60: ARUP Axial and Shear Force Capacity Curves for 6-Bolt Header 
Connections. 

 

 
Figure 61: WAI Axial Force Capacity Curve for 8-Bolt Header Connections. 

 

-400

-300

-200

-100

0

100

200

300

400

-2.0 -1.5 -1.0 -0.5 0.0 0.5 1.0 1.5 2.0

Fo
rc

e 
(k

ip
s)

Displacement (inches)

Weidlinger Associates Inc. 

October 15, 2010   C -74 



                          WTC 7 
Collapse analysis and assessment 

 
Figure 62: WAI Shear Force Capacity Curve for 8-Bolt Header Connections. 

 

 
Figure 63: Location of Header Connections. 
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Figure 64: SAP Output showing Axial Force-Displacement for Elements 15, 17, and 

18 (Run with WAI Header Connections). 

 

 
Figure 65: Location of Trench Header Link Elements 15, 17, and 18. 

 

Element 15: 26.5 kips (Tension)

Element 18: 35.2 kips (Tension)

Element 17: 47.3 kips (Tension)
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7.7. Metal deck capacity 
The axial tension capacity Mr. Nordenson ascribes to the trench headers is based on the 
puddle welds located at the deck joints. However, the deck joints, hence the puddle 
welds, are not located at the trench headers. Deck joints occur throughout the building 
regardless of the presence or absence of trench headers and there is no rational basis 
for ascribing puddle weld failure at deck joints to the trench headers. 

In actuality, the capacity of trench headers stems directly from the metal deck itself and 
this is the capacity that should have been considered in Mr. Nordenson’s computer model 
for the floor diaphragm analysis when considering trench headers. 

 

In conclusion, the series of errors in Mr. Nordenson’s floor diaphragm analysis result in 
an erroneous model. In their absence, even Mr. Nordenson’s own model would establish 
that the design of trench headers plays no role in the horizontal progression of the 
collapse of WTC 7. 
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 ATTACHMENT I:  
PROVISION OF 2% LATERAL RESTRAINT AT INTERIOR 
COLUMNS 
  

Weidlinger Associates Inc. 

October 15, 2010    C -78 



                          WTC 7 
Collapse analysis and assessment 

Column 58 

 

Weidlinger Associates Inc. 

October 15, 2010    C -79 



                          WTC 7 
Collapse analysis and assessment 

Column 59 

 

Weidlinger Associates Inc. 

October 15, 2010    C -80 



                          WTC 7 
Collapse analysis and assessment 

Column 60 

 

Weidlinger Associates Inc. 

October 15, 2010    C -81 



                          WTC 7 
Collapse analysis and assessment 

Column 61 

 

Weidlinger Associates Inc. 

October 15, 2010    C -82 



                          WTC 7 
Collapse analysis and assessment 

Column 62 

 

Weidlinger Associates Inc. 

October 15, 2010    C -83 



                          WTC 7 
Collapse analysis and assessment 

Column 63 

 

Weidlinger Associates Inc. 

October 15, 2010    C -84 



                          WTC 7 
Collapse analysis and assessment 

Column 64 

 

Weidlinger Associates Inc. 

October 15, 2010    C -85 



                          WTC 7 
Collapse analysis and assessment 

Column 65 

 

Weidlinger Associates Inc. 

October 15, 2010    C -86 



                          WTC 7 
Collapse analysis and assessment 

Column 66 

 

Weidlinger Associates Inc. 

October 15, 2010    C -87 



                          WTC 7 
Collapse analysis and assessment 

Column 67 

 

Weidlinger Associates Inc. 

October 15, 2010    C -88 



                          WTC 7 
Collapse analysis and assessment 

Column 68 

 

Weidlinger Associates Inc. 

October 15, 2010    C -89 



                          WTC 7 
Collapse analysis and assessment 

Column 69 

 

Weidlinger Associates Inc. 

October 15, 2010    C -90 



                          WTC 7 
Collapse analysis and assessment 

Column 70 

 

Weidlinger Associates Inc. 

October 15, 2010    C -91 



                          WTC 7 
Collapse analysis and assessment 

Column 71 

 

Weidlinger Associates Inc. 

October 15, 2010    C -92 



                          WTC 7 
Collapse analysis and assessment 

Column 72 

 

Weidlinger Associates Inc. 

October 15, 2010    C -93 



                          WTC 7 
Collapse analysis and assessment 

Column 73 

 

Weidlinger Associates Inc. 

October 15, 2010    C -94 



                          WTC 7 
Collapse analysis and assessment 

Column 74 

 

Weidlinger Associates Inc. 

October 15, 2010    C -95 



                          WTC 7 
Collapse analysis and assessment 

Column 75 

 

Weidlinger Associates Inc. 

October 15, 2010    C -96 



                          WTC 7 
Collapse analysis and assessment 

Column 76 

 

Weidlinger Associates Inc. 

October 15, 2010    C -97 



                          WTC 7 
Collapse analysis and assessment 

Column 77 

 

Weidlinger Associates Inc. 

October 15, 2010    C -98 



                          WTC 7 
Collapse analysis and assessment 

Column 78 

 

Weidlinger Associates Inc. 

October 15, 2010    C -99 



                          WTC 7 
Collapse analysis and assessment 

Column 79 

 

Weidlinger Associates Inc. 

October 15, 2010    C -100 



                          WTC 7 
Collapse analysis and assessment 

Column 80 

 

Weidlinger Associates Inc. 

October 15, 2010    C -101 



                          WTC 7 
Collapse analysis and assessment 

Column 81 

 

Weidlinger Associates Inc. 

October 15, 2010    C -102 



WTC7 
 
Collapse Analysis and Assessment 
Appendix D – Analysis Tools and Modeling 
  Techniques 
 

 

 



           WTC7 
Collapse analysis and assessment 

Table of Contents 
1. Introduction .......................................................................................................................... 1 

2. The FLEX Software for Structural Response Simulations .................................................. 1 

2.1. Validation of the Flex Software for Structural Response Simulations ............................. 2 

Structural Fire Simulation ......................................................................................................... 2 

Collapse Modeling and Validation ............................................................................................ 3 
Response of Conventional Structures to Extreme Loading ..................................................... 3 

3. Detailed Description of Failure Initiation Models ................................................................. 5 

3.1. Analysis approach ........................................................................................................... 8 

3.2. Temperatures .................................................................................................................. 9 

3.3. Steel modeling ............................................................................................................... 10 

3.3.1. Steel types and application ........................................................................................ 10 
3.3.2. Steel mechanical properties ...................................................................................... 10 

3.3.3. Thermal properties of steel ........................................................................................ 11 

3.4. Slab modeling ................................................................................................................ 13 

3.5. Shear stud modeling ...................................................................................................... 13 

3.6. Connection modeling ..................................................................................................... 15 
3.6.1. Knife connections ...................................................................................................... 15 

3.7. Finplate connections ...................................................................................................... 19 

3.8. Header connections ....................................................................................................... 21 

3.9. Seated connections ....................................................................................................... 22 

3.10. Other connections .......................................................................................................... 22 

4. Detailed Description of Global Collapse Model .................................................................24 
4.1. Overview ........................................................................................................................ 24 

4.2. Material Properties ......................................................................................................... 26 

4.3. Steel Framing ................................................................................................................ 26 

4.4. Floor Framing Connections ........................................................................................... 27 

4.4.1. Knife connections ...................................................................................................... 29 

4.4.2. Finplate connections .................................................................................................. 31 
4.4.3. Header connections ................................................................................................... 32 

4.4.4. Seated connections ................................................................................................... 34 

4.5. Slabs .............................................................................................................................. 35 

4.6. Shear Studs ................................................................................................................... 37 

4.7. Supports and Boundary Conditions ............................................................................... 37 

4.8. Loads ............................................................................................................................. 37 

Weidlinger Associates Inc. 
October 15, 2010 
 



           WTC7 
Collapse analysis and assessment 

4.9. Interactions .................................................................................................................... 38 

4.1. Existing Damage ............................................................................................................ 40 

4.2. Application of Gravity Load ............................................................................................ 40 
4.3. Fire-Induced Connection Failures ................................................................................. 40 

 

  

Weidlinger Associates Inc. 
October 15, 2010 
 



           WTC7 
Collapse analysis and assessment 

1. INTRODUCTION 
This Appendix documents the analysis tools and modeling techniques that were used in 
the failure initiation and propagation simulations described in Appendix B and in certain 
studies described in Appendix C.  

 

2. THE FLEX SOFTWARE FOR STRUCTURAL 
RESPONSE SIMULATIONS 

 

Failure initiation and propagation simulations were conducted using Flex. Flex [Vaughan, 
2010] is an explicit, nonlinear, large deformation transient analysis finite element code for 
the analysis of structures subjected to extreme events such as fire, impact, airblast, 
fragment, and ground shock loadings.  It is developed, marketed and supported by 
Weidlinger Associates Inc. (WAI).  Development of the Flex software was driven by the 
needs of a wide range of Department of Defense (DoD) and other U.S. Government 
organizations including the Defense Threat Reduction Agency (DTRA), the Technical 
Support Working Group (TSWG), the U.S. Air Force, the U.S. Army, the CIA, the U.S. 
General Service Administration, as well as a host of public agencies. 

Flex has a library of finite elements and constitutive models that are tailored to the 
solution of large, transient nonlinear problems through failure.  The software’s primary 
emphasis is dynamic analysis, but static solution options are also available for combined 
gravitational, fire, impact and blast loading of buildings and other structures.  
Theoretically sound constitutive models for ductile and brittle materials and for pressure 
dependent and rate sensitive materials have been developed during the past 30 years 
[Lawver, 2008, Hassig, 2009, Lawver, 2003, WAI,2004, WAI, 2006, Tennant, 1999] and 
are available so that the response of buildings, building components, and other structures 
that are constructed from metals, masonry, ceramics, fiber reinforced composites, rock 
and reinforced concrete are readily analyzed for extreme events such as those 
experienced by WTC7. 
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2.1. Validation of the Flex Software for Structural Response 
Simulations 

The Flex software has extensive validation for predicting the response of structures 
subjected to extreme events and is at the fore front of modeling and evaluating structures 
for extreme events such as fire, impact, blast, and collapse. Flex has been applied to a 
wide range of blast, impact, ground shock and collapse applications in which field test 
data was used for validation purposes. A brief description of some of the validation tests 
is provided below. 

Structural Fire Simulation 
Flex has been used to simulate the behavior of structures in fire. An example of one such 
simulation benchmarks Flex’s ability to accurately simulate the behavior of steel framed 
structural floor systems with concrete slabs cast compositely on metal decking subjected 
to fire loading. The analysis simulated and was validated against the “Fire Resistance 
Assessment of partially protected Composite Floors” (FRACOF) full scale fire test 
conducted at Centre Technique Industriel de la Construction Metallique (CTICM). The 
modeling approach used in this study matches the one used in the analysis of WTC7 and 
included temperature dependant material properties, simulating the behavior framing, 
connections, shear studs, and floor slab. The results of the study were presented at the 
6th International Symposium on Structures and Fire in 2010 [Abboud, 2010]. Figure 1 
illustrates the set-up of the physical test, the analysis used to simulate it and the 
comparison of calculation structural response to the measured test response.  

 

 
Figure 1: Structural fire validation against full scale FRACOF fire test. 
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Collapse Modeling and Validation 
WAI has done extensive modeling for collapse applications for both DTRA and DHS over 
the last fifteen years.  In a recent project, WAI validated the Flex software with pretest 
prediction of a series of subscale structural collapse tests conducted in a centrifuge at a 
U.S. Army Corps of Engineers laboratory.  Figure 2 illustrates the comparison of 
predicted response with the observed collapse. Presentation of additional comparisons 
has been accepted for presentation at the 81st Shock and Vibration Symposium [Gran, 
2010].  

 
Figure 2:  Comparison of collapse analysis with test 

Response of Conventional Structures to Extreme Loading 
Flex is at the forefront of design and evaluation of conventional structures subjected to 
extreme loads. An example of the application of Flex to modeling structures subjected to 
extreme loading is the CTS1 test conducted by DTRA [Tennant, 1999]. Figure 3 shows 
pretest Flex results compared with the actual blast damage produced by the test.  The 
Flex analysis predicted that significant column damage is to be expected but the structure 
overall would not collapse. The test confirmed the predictive analyses. 
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Figure 3:  CTS1 Test.  Photos of test vs. pretest Flex simulation results 

Because of the rigorous Verification and Validation (V&V) process that Flex has 
undergone, the ample peer-reviewed papers published about its algorithms and 
applications, the many DoD-sponsored computational “Shoot-offs” which compared the 
Flex analyses to those undertaken by Department of Energy National Laboratories (e.g., 
Lawrence Livermore, Sandia, etc) and the peer-review on specific projects by 
independent scientific officers of cognizant agencies (US Army Corps of Engineers for 
example),  it is relied upon in the extreme loading assessment and design of many 
prominent structures, including U.S. embassies of recent vintage for example.  

Flex has also been relied upon in the forensic investigation of prominent collapses, 
including the WTC Twin Towers investigation [Abboud, 2003] and the Atlantic City 
Tropicana Casino garage collapse investigation.   
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3. DETAILED DESCRIPTION OF FAILURE INITIATION 
MODELS 

The failure initiation models that we modeled for this case exist in 1-floor and 2-floor 
configurations; the modeling approach for these two models is identical and 
encompasses the construction of the building east of column line 76-77-78.  The basis for 
these models is the design drawings and Frankel Steel shop drawings, where layout 
dimensions have been taken from erection drawing E8/9, and characteristics for each 
piece (columns, floor framing, connections, etc.) have been drawn from the relevant shop 
drawings referenced on that sheet.     

Figure 4 through Figure 9 provide various views of the model. These figures illustrate the 
modeling approach that was used: 

• Concrete slab and steel framing (including connection plates and angles) are 
discretized using shell elements 

• Every bolt used in the construction of this portion of the building is explicitly 
modeled using beam elements 

• In this portion of the building, every shear stud on interior floor framing is 
explicitly modeled with a spring element.  At the perimeter walls, studs are 
modeled in pairs with each spring representing two studs. Additional shear studs 
added to primary girders, as described in drawing S-8, Revision I, are included in 
the model.  

• Where knife connections are welded to column faces, weld behavior (including 
the prying failure mechanism) is accounted for with spring elements. 

• The columns are modeled using shell elements in the vicinity of floor framing 
connections attached to the column. These column-face shell elements are 
included in a rigid body that is joined to beam elements that extend above and 
below the modeled floor.  Column beam elements are restrained at adjacent floor 
slab locations above and below the floor that is modeled.  

• Contact surface definitions are included between the slab and the top flanges of 
the floor framing steelwork. Contact definitions are also provided between the 
column faces and ends of the beams and girders that frame in to them; these 
definitions also include the relevant connection pieces (plates and angles) as 
needed.   
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Figure 4: Isometric view of 1-floor failure initiation model showing steel framing 
and concrete over metal deck slab.  Slab shells are colored to indicate the 
direction of the metal deck flutes. 

 
Figure 5: Isometric view of 1-floor failure initiation model with slab omitted for 
better view of steel framing. 
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Figure 6: Close-up view of steel framing at column 81, viewed from the southwest. 
Note that each bolt and shear stud is explicitly modeled as well as all of the 
connection plates. 

 
Figure 7: Column 80 viewed from the south west.  
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Figure 8: Column 79 viewed from the south west 

 
Figure 9: East perimeter frame showing columns 38 and 39, viewed from the south 
west. 

3.1. Analysis approach 
The model described above was analyzed using explicit time integration in Flex where 
mass-scaling has been used to augment the timestep of the tiniest elements in the model 
in order to run at an initial timestep of 4.9 microseconds. The analysis is executed in 
three phases.  
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The first phase is the application of static loads which occurs over the first second of 
analysis time. This is implemented by scaling up the mass density of the concrete slab to 
account for the superimposed dead load (weight of non-structural material such as 
finishes), and 25% of the design live load. Gravitational acceleration is slowly increased 
to 1 g over 0.75 seconds and held constant thereafter such that by the end of this phase, 
there are no significant residual movements in model: the static solution has been 
achieved.  

The second phase consists of the application to the structure of the temperature variation 
due to fire. Because the fires are long duration (several hours), the structural response to 
changes in temperature leading up to collapse occurs very slowly and the response is 
quasi-static, i.e., inertial forces are negligible.  Because this phase is quasi-static, the 
time-scale can be compressed from several hours down to several seconds without 
changing the physics of the response. The time compression that was used in these 
analyses is 1 second of analysis time equals 50 minutes of fire duration, a ratio of 1 to 
3000. The temperature changes are applied in 0.05 second increments that equate to 2.5 
minutes of fire. This means that the temperature change associated with 2.5 minutes of 
fire is applied and the structure responds to adjust to the equilibrium position in the 
analysis over 0.05 seconds before the temperature is incremented again.   

Obviously, the quasi-static conditions are violated once failure initiation occurs because 
inertial forces become significant. This marks the third phase of the analysis where, once 
failure initiation occurs, no additional temperature changes are applied to the analysis 
while the structure responds and is observed to see whether it is capable of redistributing 
forces and establishing a new position of stable equilibrium or if failure propagates and 
collapse occurs.      

3.2. Temperatures 
The steel temperatures have been derived by Hughes Associates, Inc. (HAI) as 
described in the report by Dr. Beyler [Beyler, 2010]. These steel temperature time-
histories have been calculated by HAI for each floor framing member and include 
temperatures at a number of points across the section of each member. Because the 
variation of temperature through the depth of the steel beams is considerable (due to 
heat-sink effects of the slab), temperatures are applied distinctly for each top flange, 
bottom flange, and web in the model based on the average temperature for each 
provided by HAI.   

HAI also performed three-dimensional heat transfer calculations for each of the typical 
connection types (knife, fin, seat, etc.) in WTC7 in order to establish the representative 
temperature of the connection relative to the temperature of the connected components. 
These results were: 

• Finplate and seated web clip connection temperatures achieve 95% of the 
temperature of the web of the connected secondary beam 

• Knife and header connection temperatures at columns achieve 50% of 
temperature of the connected girder web 

• Seated connection temperatures at columns achieve 50% of the temperature of 
the connected girder flanges (top clip and bottom seat are heated 
independently). 

Based on the modeling work of Huang et. al. [Huang, 1999], shear stud and concrete 
temperatures were taken to be 75% of the peak top-flange temperature.  
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3.3. Steel modeling 
The primary load bearing structure of WTC7 was constructed with steel framing and 
concrete slab cast on metal decking. The sections below describe the relevant types of 
steel that were used in construction and provide the detailed modeling information that 
was used for input in the failure initiation analyses.   

3.3.1. Steel types and application 
Various grades of steel were used in the construction of WTC7 depending on the 
application within the building, the typical configuration of which are provided in Table 1.   

Table 1: Typical structural steel grades and uses in construction of WTC7 

Steel Grade Typical Applications 

A572-50 Columns, Beams and Girders 

A36 Columns, Wind Girders, and Braces 

44W Connection plates and angles 

A325 Bolted floor framing connections 

A490 Bolted wind girder connections 

3.3.2. Steel mechanical properties 
The stress vs.  strain properties that were used in the analyses to represent the steels 
described above are provided in Figure 10 for ambient temperature conditions.  

 
Figure 10: Stress vs. Strain curves for steels used in construction of WTC7.  
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3.3.3. Thermal properties of steel 
The properties of steel presented above are known to be a function of temperature, and 
within the purview of the failure initiation models, the floor framing beams and girders 
(grade A572-50), the connection plates and angles (grade 44W), and the bolts used to 
join them (Grade A325) all experience substantial heating as a result of fire. For analysis 
purposes, the temperature effect on the degradation of structural steel was modeled 
based on the guidelines in the Eurocode [Eurocode, 2005b]. High strength bolts have 
different chemistry than the structural steels described above. The difference in chemistry 
results in changes in the ways that these steels weaken with temperature. For modeling 
purposes, the strength degradation curves are taken from Yu and Frank [Yu, 2009]. The 
properties of these steels are illustrated in Figure 11 through Figure 13. They were 
modeled in the failure initiation analyses using the temperature dependent piecewise-
linear isotropic hardening constitutive model. 

Thermal effects on steel also include thermal expansion with the coefficient of 14x10-6 
/°C. 

 
Figure 11: Temperature dependent stress vs strain behavior of A572-50 steel. 

Weidlinger Associates Inc. 

October 15, 2010   D -11 

 



           WTC7 
Collapse analysis and assessment 

 
Figure 12: Temperature dependent stress vs strain behavior of 44W steel. 

 
Figure 13: Temperature dependent stress vs strain behavior of A325 bolts. 
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3.4. Slab modeling  
The typical floor slab construction in WTC7 consists of 2½” of normal weight, 3.5ksi 
concrete poured on a 3” deep, corrugated 20 Ga metal deck (5½” total thickness).  It is 
also reinforced with 6”x6” – W1.4 x W1.4 welded wire fabric [Structural Drawing S-8]. 

The ways in which this type of construction carries and distributes load is a function of its 
heterogeneous and orthotropic nature and the modeling approach that was used to 
represent this component captures these behaviors accordingly.  

The model of the slab used in the failure initiation model consists of a layered modeling 
approach where integration points through the thickness of the shell are assigned 
different properties according to the make-up of the slab. In these models, a 4-layered 
approach was adopted as described below, beginning at the bottom of the slab: 

1. Orthotropic steel with strength only in the span direction (along the troughs). Note 
that thickness is scaled according to the proportion of metal that lies at the 
bottom of the slab. 

2. Concrete material model having different properties in tension and compression 
to represent the concrete that fills the troughs of the deck. The concrete 
constitutive model is a three invariant elasto-viscoplastic softening model with a 
strain hardening cap following Mould et. al. [Mould, 1994a, 1994b] and Tennant 
et.al. [Tennant, 1997]. Note that the material properties here are adjusted to 
account for the concrete voids across the troughs. 

3. Orthotropic steel with strength only in the span direction (along the troughs). 
Thickness is scaled according to the proportion of metal that lies at the top of the 
deck. 

4. Concrete material model having different properties in tension and compression 
to represent the concrete the solid topping slab. Concrete strength reduced for 
temperature effects as indicated in the Eurocode, [Eurocode, 2005a]. 

3.5. Shear stud modeling  
As shown in the Frankel Steel shop drawings, the shear studs in WTC7 are typically ¾” 
diameter x 5” long, cast into the slab described in Section 3.4 above.  

Shear studs serve two purposes in the design and construction of WTC7: they increase 
the capacity and rigidity of beams and girders by mobilizing composite action with the 
slab, and they provide lateral restraint to beams and girders which prevents lateral- 
torsional buckling of these members. In order to capture these behaviors, shear studs 
were modeled as a collection of three nonlinear spring elements.  Each spring element 
complied to the force-deflection behavior of the stud in the axial pull-out and two 
orthogonal shear degrees of freedom.  The force-deflection behaviors reflected the 
response of both the stud itself and localized concrete deformations. 

Degradation of composite action as a result of heating is defined by Huang et. al. [Huang, 
2005] in the form of force-slip curves which act in the direction along the length of the 
beam. These properties were implemented in the failure initiation analyses on the basis 
that the shear studs would achieve 75% of the top flange temperature as described by 
Huang [Huang, 2005]. The characteristics presented by Huang are derived from test data 
presented by Kruppa and Zhao, [Kruppa, 1995]. Although the test data shows that slip 
capacity extends beyond the limitation of Huang’s equations, we conservatively adopt his 
limit of 6mm of slip to failure.   

In actuality, the force-slip curves used in the shear stud model represents a variety of 
behaviors including local deformation of the shear studs themselves as well as the 
deformation of the concrete around them. These curves are based on tests which are 
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conducted in a push-out configuration like the one described by Kim, et. al. [Kim, 2001] 
which can result in several different failure mechanism including concrete pull-out, shear 
stud failure, and local crushing of concrete around the stud. In the work conducted by 
Kim, the concrete failure modes occur most often and shear stud failure, when it does 
occur, does not result in the separation of the metal decking from the top flange of the 
beam as illustrated in Figure 14 below. Because neither shear stud failure, nor concrete 
failure results in failure of the connection between the metal decking and the top flange of 
the beam, the composite behavior and the lateral restraint provided by the decking are 
essentially de-coupled (i.e. loss of composite action does not constitute the loss of lateral 
restraint).  

The failure initiation analyses represent this behavior by adopting Huang’s force-slip 
curves in both shear directions and springs in both directions are removed when failure 
occurs in either direction. However, although the strength is lost in these springs after 
6mm (0.25inches) of deflection, an additional 0.25 inches of slip are allowed to occur 
without force before the springs are removed.  

  
Figure 14: Example of shear stud failure shows decking remains anchored to top 
flange of beam. Reproduced from Kim et. al. [Kim, 2005]  

In addition to the force-slip relationships described above, the shear stud model also 
includes properties for pull-out failure in direct tension. These properties were derived 
from a separate model of a typical composite beam which was constructed using 
hexahedral continuum elements for the concrete and piecewise linear isotropic steel 
shells to model the metal deck and steel beam. The studs themselves are modeled using 
beam elements. Figure 15 shows the use of continuum and shell elements in the model 
which was used to determine the tension capacity of studs by restraining the edges of the 
slab and pulling the beam down away from it. 
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Figure 15: Detailed model used to benchmark pull-out capacity of shear studs. 

3.6. Connection modeling  
The floor framing connections typically fall in five categories; knife, fin, header, seated, 
and seated web clip. In the failure initiation models, these have been modeled using 
shell, beam, and spring elements to simulate connection behavior. 

Further discussion of the different connection types, the modeling techniques used to 
evaluate them are described in more detail in the following sections. 

3.6.1. Knife connections 
So called “knife” connections refer to the use of double-angle connections to connect 
primary girders to columns where the angles have been shop-welded to the column face 
and the web of the girder is field-bolted between the two angles. Figure 16 below 
illustrates what the connection looks like with and without the girder installed and shows 
two such connections used in the construction of WTC7.  

In the construction of WTC7, these connections were typically fabricated from 3”x4”x3/8” 
thick angle or bent plate using grade 44w steel. Bolts are typically 7/8” diameter, A325 
steel, spaced at 3” on center, and welds are 5/16” E70 fillets with 1/2” returns at the tops 
of angle legs. Review of the actual bolt lengths used in field erection shows that threads 
were typically excluded from the shear plane. The depth of the connection varies 
depending on the shear demands required at the individual connection locations.   
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Figure 16: Illustration of knife connection. 

Modeling of the knife connections in the failure initiation model consists of shell elements 
to represent the angles and plates, beam elements for the bolts, and non-linear spring 
elements with failure for the welds. Figure 17 provides an illustration of a knife connection 
using this detailed modeling approach. 

 
Figure 17: Modeling approach for knife connections in failure initiation model 
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In these analyses, the shell and beam elements refer to a piecewise linear isotropic 
hardening material model. The springs that represent the welds provide translational 
resistance along the length of the weld and transverse to weld axis based on the AISC 
steel design manual [AISC, 1994]. The typical ultimate failure mechanism of knife 
connections in rotation and in tension is documented by McMullin and Asteneh-Asl 
[McMullin,1988] and by Guravich and Dawe, [Guravich, 2006] to be weld fracture as a 
result of prying action. The properties of the springs were derived based on the available 
test data and the moment-rotation curve used to replicate the behavior of these welds is 
provided in Figure 18, below. 

 
Figure 18: Moment rotation curve used to model weld fracture due to prying. 

Moment is per inch of weld. 

Guravich provides direct tension test results on numerous connection assemblies in 
various configurations in combination with shear and rotation. The test articles that most 
closely match the configuration used in the construction of WTC7 and which had 
documented force-deflection curves were K310-2 and K310-5. The described modeling 
approach was used to replicate the tested configurations and comparison of the analysis 
results to the test results are provided in Figure 19. The physical test included a 0.03rad 
rotation of the connection prior to applying to tension load. That loading is replicated in 
the analysis.  
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Figure 19: Comparison of knife connection modeling approach against test data. 
Tension force normalized per inch of depth of connection.   

The connection modeling approach is also benchmarked in rotation by comparison 
against test results documented by McMullin, 1988. Those tests included rotation of 5-
bolt and 7-bolt knife connection assemblies up to 0.05 radians to demonstrate that the 
connections provided at least that much ductility prior to conducting additional shear 
tests. Comparison against the 5-bolt connections is provided in Figure 20 and shows that 
the analysis approach tracks well against tests though it tends to fail at slightly lower 
deflections than those observed in test. 
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Figure 20: Comparison of analytically derived moment vs. rotation curve against 
test for 5-bolt knife connection. 

3.7. Finplate connections 
Finplate connections refer to the use of single (fin) plate connections to connect 
secondary beams to primary girders where the finplate has been shop-welded to the 
girder and the web of the secondary beam is field bolted to the finplate. Figure 21 below 
provides an illustration of one such connection used in the construction of WTC7. 

As shown in the Frankel steel shop drawings, these connections were typically fabricated 
from 3/8” thick plate using grade 44w steel. Bolts are typically 7/8” diameter, A325 
spaced at 3” on center in 15/16” holes, and welds are 1/4” E70 fillets on both vertical 
edges of the finplate and 5/16” on the top edge where they are joined to the bottom 
flange of the girder. The depth of the connection varies depending on the shear demands 
required at the individual connection locations. 

For use in the failure initiation models, the modeling approach uses shell elements to 
represent the finplate and beam elements for the bolts. This modeling approach has been 
demonstrated to perform well when replicating the behavior of fire tests on steel 
composite structural systems such as this and has also been benchmarked against 
higher resolution modeling techniques at elevated temperature as documented by 
Abboud et. al. [Abboud, 2010]. Figure 22 provides an illustration of a finplate connection 
using this detailed modeling approach.  
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Figure 21: Illustration of finplate connection. 

 
Figure 22- Isometric view of detailed model of fin connection with 5 bolts 
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3.8. Header connections 
Header connections are similar in form to the knife connections in that they also use 
double-angle connections to connect primary girders to columns (and also to connect 
secondary beams to girders in some locations). However, in these connections, the 
angles have been shop-welded to the web to the beam or girder being connected and are 
subsequently field bolted to the supporting member. Figure 23 provides an illustration of 
one such connection used in the construction of WTC7 and illustrates what the 
connection looks like when used to connect a secondary beam to a girder. Note, when 
used to connect girders to columns, the header angles are typically bolted through the 
web of the column. 

As shown in the Frankel Steel shop drawings, the construction of these connections were 
commonly fabricated from 3”x4”x5/16” thick angle or bent plate using grade 44w steel. 
Bolts are typically 7/8” diameter, A325 bolts spaced at 3” on center vertically, and welds 
are 1/4” E70 fillets applied to all three edges of each angle leg. The depth of the 
connection varies depending on the shear demands required at the individual connection 
locations. 

The modeling approach used for the header connections in the failure initiation analyses 
is comparable to that described previously for the fin and knife connections. The 
approach uses shell elements to represent the angle, and beam elements for the bolts. 
Figure 24 provides an illustration of a header connection using this detailed modeling 
approach. 

 

 
Figure 23: Illustration of header connection, secondary beam (grey) to girder 
(brown) configuration shown.  Girder to column connection configurations were 
also used in WTC7. 
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Figure 24 Isometric view of detailed model of fin connection with 8 bolt pairs (16 
bolts total) 

 

3.9. Seated connections 
Seated connections consist of a plate or angle (the seat) that is welded to a column and 
is used to rest the bottom flange of the connected girder or secondary beam on. The 
girder is then bolted in place through the bottom flange and seat and is also bolted 
through the top flange to a top clip angle or plate. 

In the construction of WTC7, the use of seated connections is most prevalent in 
connecting beams to the perimeter columns. Figure 25 provides an illustration of the 
typical configuration at these locations. In these instances the Frankel Steel shop 
drawings show the seat is typically fabricated using a 8”x6”x3/4” grade 44w steel angle 
shop-welded to the inside of the column flanges using 5/16” fillet welds along vertical and 
horizontal legs of the angle. The top plate is 3/8” thick grade 44w steel plate, also shop-
welded using 5/16” E70 fillet welds. The bolts are 7/8” diameter, A325 bolts in 15/16” 
diameter holes. The holes in the top plate are short slotted to allow small rotational 
flexibility in the connection. 

The modeling approach used for the seated connections in the failure initiation models is 
comparable to that described previously for the other connections. Figure 26 illustrates 
the detailed modeling approach used for seated connections. It utilizes shell elements for 
the seat and angle and top plate as well as for the beam being connected. Beam 
elements are used for the bolts and contact surfaces are defined between the end of the 
beam and the bearing faces of the seat and top plate as well as the inside pocket formed 
by the perimeter column. 

3.10. Other connections  
Other connections in the failure initiation models consist of seated web clip connections 
and perimeter moment frame connection, which were modeled using the same modeling 
approach described for the previous connections.  
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Figure 25-Typical seated connection at perimeter frame. 

 
Figure 26- Isometric view of detailed model of seat typical seat connection at 
perimeter frame. 
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4. DETAILED DESCRIPTION OF GLOBAL COLLAPSE 
MODEL  

4.1. Overview 
In order to study the effects of failure propagation on the building, an analysis model of 
the entirely of WTC7 was constructed. Figure 27 and Figure 28 present an overview of 
this model which consists of over 511,000 beam elements and 366,000 shell elements.  
There are over 856,000 spring definitions used to model steel framing connections, shear 
studs, and interactions at floor-beam interfaces.  In total, there are more than 1.7 million 
structural elements.  In addition, more than 575,000 interaction pinballs are used to 
model interactions between distant elements such as those on separate floors.  Details of 
the various model components follow below. 

 

 
Figure 27.  Entire building model, including initial damage incurred from the 
collapse of nearby WTC1. 
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Figure 28.  Southwest view of the entire building model, including initial damage 
incurred from the collapse of nearby WTC1. 
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4.2. Material Properties 
According to the Frankel Steel shop drawings, the steel framing in WTC7 consisted 
predominantly of two steel grades.  The gravity-resisting system was framed primarily 
with A572 Gr 50 steel.  This included the typical floor framing, core columns, and transfer 
trusses 1 and 2.  A572 Gr 50 was also used in portions of the lateral force-resisting 
system, including the perimeter truss diagonals between floors 2 and 7 and the belt truss 
diagonals between floors 22 and 24.  The remainder of the lateral force-resisting system 
was framed with A36 steel, including the perimeter moment frames, braced frames at the 
core, the diaphragm truss at the 5th floor, and the perimeter truss diagonals between 
floors 5 and 7.  Limited use was made of other steels, namely A572 Gr 42, A588 Gr 50, 
and A588 Gr 42.  These were used primarily at built-up plate girders and for thick column 
reinforcing plates. 

All steel was modeled using a piecewise-linear isotropic hardening model.  This model 
includes the linear elastic, plastic, hardening, and softening phases that are characteristic 
of steel.  It also includes strength enhancements exhibited by steel subjected to high 
strain rates.  The stress-strain curves produced by this model are shown in Figure 29 
which represent the typical strengths of these materials. 

   

 
Figure 29. Behavior of steel models in quasi-static tensile loading.  Yield stresses 
reflect the likely yield stresses of the actual steel as fabricated. 

4.3. Steel Framing 
Steel framing is modeled as beam elements.  The various components of the framing 
cross-sections, i.e., web, flanges, and cover plates, are each individual beam elements 
all sharing the same end nodes.  Each component is offset to its physical centerline.  A 
representative column segment is shown in Figure 30a. 

As in the actual constructed building, the centerlines of all horizontal floor beams are 
placed to provide a uniform top of steel elevation for the entire floor.  This assures 
compatibility with the slab geometry while placing connection thrusts at appropriate 
elevations.  See Figure 30b. 
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Figure 30.  a) Typical built-up frame member.  b) Typical floor framing. 

 

4.4. Floor Framing Connections 
Typical floor framing connections are modeled as collections of one-dimensional springs 
at the ends of beam elements. These are indicated at a typical floor in Figure 31. Each 
connection typically has five degrees of freedom – axial, vertical shear, lateral shear, 
major-axis rotation, and torsion.  The floor framing connections were determined to be 
sufficiently flexible and ductile to allow them be “pinned” with respect to this degree of 
freedom.  Force-deflection curves are specified for each degree of freedom as described 
in the following sections.  The responses of all degrees of freedom are independent of 
one another; forces are not coupled.  Failure of the entire connection, however, is 
triggered by the failure of any single degree of freedom.  Once a single degree of 
freedom fails, all springs defining that connection are removed.  

The derivation of these force-deflection curves is described in more detail in the following 
sections and the curves themselves are produced in the attachment to this appendix. 

At lateral-system connections, including those at the perimeter moment frame, perimeter 
trusses, interior braced frames, and the diaphragm truss at floor 5, spring representations 
are not used.  At these locations, the members are connected rigidly but the connection 
capacities are conservatively represented by reducing the strength of the elements at the 
ends of each member by 50%. See Figure 32. 
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Figure 31. Typical gravity connections.  Gravity connections are indicated by cube-
shaped markers.  The marker color indicates a specific connection type and size.  
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Figure 32.  Typical lateral system connections.  Note that connection elements may 
be partially obscured by other elements. 

4.4.1.  Knife connections 
As indicated above, non-linear spring elements were used to represent the behavior of 
the knife connections in each of its relevant degrees of freedom. The approach that was 
adopted for deriving the properties of these connections follows the so-called “component 
method” as detailed by Del Savio et. al. [Del Savio, 2009]. This approach develops the 
behavior of the connection based on sub-assemblies of spring properties. For this 
application, the properties of the sub-assembly springs have been calculated using high 
resolution models of the connection or parts of the connection and capacities are scaled 
accordingly based on the size of the connection (number of bolts and length of welds) 
and the physical depth of the girder being connected. 

The axial capacity spring of the knife connection is derived simply by scaling the tension 
curve computed using the high resolution model shown in Figure 33 by the number of 
bolts in the connection. A comparable model was exercised in compression to establish 
the compression capacity. 

Because of the similarity in governing failure mechanisms, the vertical shear curve is also 
derived using the results from the compression analysis mentioned above. Minor axis 
shear is derived from a comparable model of a 5-bolt connection loaded in this direction.  

Major axis rotation of the knife connection is derived using the tensile force-deflection 
curve calculated using the high resolution model where the resistance of each 3” bolted 
segment is multiplied by the offset lever arm from the neutral axis which was 
approximated at the bottom bolt location. Indicative moment rotation curves for a range of 
knife connections are provided in Figure 34.  

Torsion of the knife connections was represented using a nominal stiffness to prevent 
artificial (numerical) spinning of beam elements. 
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Figure 33: Isometric view of high resolution model of knife connection used to 
develop component-method springs for deriving connection properties in the 
whole building model.  

 

 
Figure 34: Indicative major axis moment-rotation curves for knife connections 
derived for use in the whole building collapse model. 
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4.4.2.  Finplate connections 
Finplate connection properties used in the whole building collapse model were derived in 
a similar fashion to the knife connections. 

The axial capacity spring of the fin connection is derived simply by scaling the tension 
curve computed using the model shown in Figure 35 by the number of bolts in the 
connection. A comparable model was exercised in compression to establish the 
compression capacity. 

Because of the similarity in behaviors, the vertical shear curve is derived using the results 
from the compression analysis. Minor axis shear is derived from the minor shear curves 
described for the knife connection.  

Major axis rotation of the connection is derived using the tensile force-deflection curve 
calculated using the high resolution model where the resistance of each 3” bolted 
segment is multiplied by the offset lever arm from the neutral axis which was 
approximated at a distance halfway between the bottom of the beam and the bottom bolt 
location. Indicative moment rotation curves for a range of fin connections are provided in 
Figure 36.  

Torsion of the fin connections was not found to be a significant mechanism for load 
transfer or failure mechanisms in the whole building collapse model.  So a nominal 
stiffness was provided to prevent artificial (numerical) spinning of beam elements. 

 

 

 
Figure 35: High resolution model of finplate connection exercised in tension to 
determine capacity for use in whole building collapse model. 
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Figure 36- Indicative major axis moment-rotation curves for fin connections 
derived for simplified modeling approach  

4.4.3. Header connections 
Header connection properties used in the whole building collapse model were derived in 
a similar fashion to the knife and finplate. 

The axial capacity spring of the header connection is derived simply by scaling the 
tension curve computed using the model shown in Figure 37 by the number of bolts in the 
connection.  

The compression curve is derived using the results from the knife connection 
compression analysis as is the vertical shear curve.  Minor axis shear is also derived 
from the minor shear curves described for the knife connection.  

Major axis rotation of the connection is derived using the tensile force-deflection curve 
calculated using the high resolution model where the resistance of each 3” bolted 
segment is multiplied by the offset lever arm from the neutral axis which was 
approximated at distance halfway between the bottom of the beam and the bottom bolt 
location. Indicative moment rotation curves for a range of header connections are 
provided in Figure 38.  

Torsion of the header connections was not found to be a significant mechanism for load 
transfer or failure mechanisms in the whole building collapse model.  So a nominal 
stiffness was provided to prevent artificial (numerical) spinning of beam elements. 
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Figure 37: High resolution model of header connection exercised in tension to 
determine capacity for use in whole building collapse model. 

 

 
Figure 38- Indicative major axis moment-rotation curves for header connections 
derived for simplified modeling approach 
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4.4.4. Seated connections 
As with the other connection models, the axial capacity spring of the seat connections is 
derived from the tension curve computed by a high resolution model (shown in Figure 
39); although the force resisting capacity of the connection falls to zero once the bolts fail, 
the beam is free to slide on the seat before a tension spring failure would trigger failure of 
the other degrees of freedom. 

The vertical shear curve is derived based on the web crippling strength as calculated by 
the AISC manual [AISC, 1994] where the ultimate capacity is assumed to occur at 
0.75inches of deformation. 

Minor axis (transverse lateral) shear is similar to the axial direction in that it is also 
governed by the shear failure of the erection bolts. The tension curve is modified slightly 
here to allow for the wider dimension of seat in the transverse direction. 

Major axis and torsional rotation of the connection is derived using the tensile force-
deflection curve calculated using the high resolution model where the resistance of the 
top and bottom bolts is multiplied by the offset lever arm from the neutral axis. The 
neutral axis for these connections is estimated to occur at the mid-height of the beam. 
Major axis and torsional moment resistance falls to zero when the bolts have failed, 
though the connection as a whole does not fail until the end of the beam has rotated free 
of the seat. Indicative moment rotation curves for a range of seated connections are 
provided in Figure 40.   

 

 
Figure 39- Erection bolt shear failure of seated connection in tension 
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Figure 40- Indicative major axis moment-rotation curves for seated connections 
derived for simplified modeling approach 

 

 

4.5. Slabs 
As described in Appendix A, floors slabs are typically standard concrete-over-metal deck 
construction.  Limited areas, however, make use of cast-in-place reinforced concrete 
slabs (specifically, portions of floors 3, 5-7, and 46-47.)  Both types of construction are 
modeled as single continuous planes of two-dimensional shell elements. Each slab 
element is comprised of multiple shell layers representing concrete, metal deck, and 
rebar, where present. 

The typical floor slabs are modeled using the identical methodology described in Section 
3.4.  A typical story with a concrete on metal deck floor is shown in Figure 41.   

Reinforced concrete slabs are modeled with eight layers where both top and bottom 
reinforcing are specified and six layers where only bottom steel is indicated.  Distinct shell 
layers are defined for each layer of reinforcing and its corresponding concrete cover.  The 
remaining layers are all concrete.  All concrete is 3500 psi, and reinforcing is A615 Gr 60.  
A typical story with reinforced concrete slabs is shown in Figure 42. 

In addition to their self-weight, floors are loaded with superimposed dead loads (floor 
finish, ceiling, ductwork, partitions, etc.) and 25% of the full live loads.  To include these 
loads in the model, the density of the concrete is scaled to provide the appropriate net 
floor weight required; other mechanical properties are not altered.   
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Figure 41.  Typical metal deck slab definitions.  Orthotropic slabs typically span 
north-south on the east and west sides of the floor plate, and east-west elsewhere. 

 

 
Figure 42.  Typical reinforced concrete slab definitions.  Isotropic reinforced 
concrete floors are located in limited regions of the building. 
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4.6. Shear Studs 
Shear studs attaching the floor slab to the steel framing are modeled as collections of 
one-dimensional springs. Typical stud placements are shown in Figure 43.  In order to 
reduce the model size, each group of springs represents a pair of two shear studs.  Each 
set of springs has three degrees of freedom, one in the axial direction, and two in the 
orthogonal shear directions.  Force-deflection curves for a single stud were determined 
as described in Section 3.5.  To model stud pairs, the force component of the single stud 
curves were simply doubled.  The responses of all degrees of freedom are independent 
of one another; forces are not coupled.  Failure of the entire stud pair, however, is 
triggered by the failure of any single degree of freedom. 

 

 
Figure 43.  Typical shear studs.  Purple markers indicate the placement of shear 
stud springs.  Each definition represents a pair of studs. 

4.7. Supports and Boundary Conditions 
Column bases are typically fully fixed at the ground floor; they are restrained in both 
translation and rotation.  Due to the presence of a truck ramp below the ground floor, 
foundations at columns 79, 80, and 81 occur at lower elevations. As with other columns, 
their bases are fully fixed. 

The WTC7 site contained an existing Con Ed substation.  The substation roof functioned 
as the 3rd floor of the new tower, and columns from WTC7 bear on substation columns 
below.  Though detailed design drawings for the substation were not available, cross-
sectional dimensions of the Con Ed columns were approximated from details in the 
WTC7 drawings.   

4.8. Loads 
The entire structure is loaded with the full dead loads plus 25% live loads specified in the 
structural drawings (sheet S-24.)  As described above, floor loads greater than the 
structural self-weight are modeled by increasing the mass of the slab shell elements.   
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Additional point masses are defined around the perimeter beams to capture cladding 
weight.   

4.9. Interactions 
Interactions between slabs and the steel members directly supporting them are achieved 
through the use of joint springs.  These are one-dimensional springs with a compressive 
stiffness sufficient to prevent penetration of the slab by the steel framing.  Tensile 
stiffness is zero, allowing the steel framing to separate from the slabs as needed.  Typical 
placements of joint springs are shown in Figure 44. 

Interactions between elements separated across some distance, such as on different 
floors, are accommodated through the use of pinball interactions.  Here, each interacting 
node is embedded in an idealized rigid “pinball” of fixed radius and penalty spring 
stiffness.  These pinballs interact with each other to simulate contact and impact.  See 
Figure 45 for pinball definitions.  The algorithm is based on that described by Belytschko 
et al. [Belytschko, 1991]. 

 
Figure 44.  Typical joint springs.  Green markers indicate the placement of joint 
springs between slab and beam elements. 
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Figure 45.  Pinball definitions.  Pinballs are defined over the entire extent of the 
model to ensure interactions between elements during global collapse. 
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4.1. Existing Damage 
As WTC Towers 1 and 2 collapsed, Tower 7 suffered tremendous collateral damage to 
the structure on its south and west faces.  This damage, documented in Appendix B, was 
applied to the structural model by simply removing any elements determined to be fully 
damaged as well any members supported by them.  This damage is reflected in the plots 
of Figure 27 and Figure 28.  Damaged members are all removed “cleanly,” that is, no 
debris or unsupported elements are left behind. 

4.2. Application of Gravity Load 
Gravity loads are applied to the model with initial debris damage already imposed.  To 
ensure the load is applied quasi-statically, dynamic relaxation methods are used to 
automatically damp out oscillations in the structure.  Gravity loads are applied along with 
dynamic relaxation over the first 0.8 seconds of model time. 

4.3. Fire-Induced Connection Failures 
As described in Appendix B, fires on floors 8 and 9 cause the failure of floor framing 
connections on floors 9 and 10 above.  These fire-induced failures are implemented in 
the global building model by simply removing the failed connections in a pattern 
consistent with that determined by the detailed analyses described in Appendix B. 
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ATTACHMENT I 
 

CONNECTION PROPERTIES: GLOBAL COLLAPSE MODEL  
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KNIFE CONNECTIONS 
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FINPLATE CONNECTIONS 
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HEADER CONNECTIONS
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SEATED CONNECTIONS
This image cannot currently be displayed.
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SEATED WEB CLIP CONNECTIONS 
This image cannot currently be displayed.
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TYPICAL TORSION 
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2. MATERIALS RELIED UPON 
Sources materials and materials relied upon are cited throughout the report where they 
are discussed or used.  

 Design and shop drawings (AMEC0076879-922, AMEX0000218-0002673, 
CANTOR2003882-9941, CONEDEXP0020051, PANYNJ0101613-0105649, 
SHCA0001824, SOM0090380-88, SOM0103178, SOM0116971-133469, SOM129665-
730, TISHMAN0014654-790) 

 Emery Roth & Sons collection of architectural records and papers at the Department of 
Drawings and Archives, Avery Architectural Library, Columbia University (miscellaneous 
drawings and correspondence in Box 1 through Box 20) 

 Structural engineering computations (beginning with Bates numbers CANTOR0002074, 
CANTOR0002173,  CANTOR0002234, CANTOR0002298, CANTOR0002412, 
CANTOR0002545,  CANTOR0002733, CANTOR0002963, CANTOR0003146, 
CANTOR0003240,  CANTOR0003395, CANTOR0003517, CANTOR0003763, 
CANTOR0003990,  CANTOR0004104, CANTOR0004131, CANTOR0004195, 
CANTOR0004418,  CANTOR0005481, CANTOR0005694, CANTOR0005725, 
CANTOR0005726,  CANTOR0005923, CANTOR0006024, CANTOR0006183, 
CANTOR0007590,  CANTOR0007738, CANTOR0008369, CANTOR0008950, 
CANTOR0008990,  CANTOR0009143, CANTOR0009199, CANTOR0010038, 
CANTOR0010232,  CANTOR0010374, CANTOR0010504, CANTOR0010587, 
CANTOR0010808,  CANTOR0010944, CANTOR0011201, CANTOR0011464, 
CANTOR0011502,  CANTOR0016824, CANTOR0020202, CANTOR0020433, 
CANTOR0020463,  CANTOR0026587, CANTOR0030809, CANTOR0031211, 
CANTOR0031884,  CANTOR2000001-2003881,  CANTOR2009942-2014063, 
CITI-7WTC030576,  CONED0076425-63,  PANYNJ0038081-8,
 PANYNJ0042139-40,  PANYNJ0088738-40,  PANYNJ0089730-74, 
PANYNJ0090594-90868, PANYNJ0090933-91363, TISHMAN003434) 

 PANYNJ review documents (including but not limited to CANTOR0002074, 
CANTOR0008603, CANTOR0010079, CANTOR0010944-11185, CONED0081709, 
PANYNJ0038081-7, PANYNJ0042139, PANYNJ0088559, PANYNJ0088738, 
PANYNJ0089089, PANYNJ0089107, PANYNJ0089183, PANYNJ0089202, 
PANYNJ0089410, PANYNJ0089437-9, PANYNJ0089445, PANYNJ0090594, 
PANYNJ0100941-53, PANYNJ0101008, PANYNJ0101011, PANYNJ0101013-16, 
PANYNJ0101037, PANYNJ0101040, PANYNJ0101045-6, PANYNJ0101057, 
PANYNJ0101060, PANYNJ0101065, PANYNJ0101071, PANYNJ0101075, 
PANYNJ0101079, PANYNJ0101084, PANYNJ0101617, PANYNJ0107530) 

 Con Edison involvement (including but not limited to CONED0076317-27, 
CONED0076388-0076391, CONED0076495, CONED0081431-0081438, 
CONED0081757-8, CONED0081786, SPI023974, SPI025105, SPI025144-025145, 
SPI040877, SPI040910-11) 

 Shop weld inspection reports by Testwell Craig Laboratories Inc (miscellaneous 
documents between CANTOR0011695 – CANTOR0016823 and between 
CANTOR0020596 – CANTOR0026586) 

 Steel frame erection inspection reports by Testwell Craig Laboratories Inc (miscellaneous 
documents between CANTOR0011695 – CANTOR0016823 and between 
CANTOR0020596 – CANTOR0026586) 

 Metal deck welding inspection reports by Testwell Craig Laboratories Inc (miscellaneous 
documents between CANTOR0011695 – CANTOR0016823 and between 
CANTOR0020596 – CANTOR0026586) 
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 Shear stud welding inspection reports by Testwell Craig Laboratories Inc (miscellaneous 
documents between CANTOR0011695 – CANTOR0016823 and between 
CANTOR0020596 – CANTOR0026586) 

 Concrete pour and testing inspection reports by Testwell Craig Laboratories Inc 
(miscellaneous documents between CANTOR0011695 – CANTOR0016823 and between 
CANTOR0020596 – CANTOR0026586) 

 Construction photographs (CITI-7WTC061980-6, TISHMAN014230-653) 

 Bernstein Morse Diesel collection of photographs (numbers 4-20, 7-13, 9-20, 9-64, and 
14-53) 

 Emporis collection of photographs 

 Collection of photographs and videos compiled by Hughes Associates Inc 

 Photographs of debris impact damage (CITI7WTC073306, CONED0365487-9, 
CONED0365492-9, CONED0365527-34, PANYNJ9009318, PANYNJ9009333-4, 
PANYNJ9009337, PANYNJ9009617, PANYNJ9009627, PANYNJ9009629, 
PANYNJ9009636, PANYNJ9009647-9, PANYNJ9009655, PANYNJ9009664, 
PANYNJ9009669, PANYNJ9009715, PANYNJ9009761, PANYNJ9010093-4, 
PANYNJ9042868-69, PANYNJ9043461-4, PANYNJ9044108, PANYNJ9046498) 

 ABC Network Broadcast on 9/11 

 CBS video footage on 9/11 (CBS0000001, 2001 CBS News Archive) 

 Video footage by Mr. Steve Spak on 9/11 

 Plaintiffs’ expert reports cited in the References 

 Miscellaneous computer files produced by plaintiffs’ experts: 

 Guy Nordenson, April 5 and May 25, 2010 
Joseph Colaco, April 5, 2010 
Anthony Ingraffea, April 16, 2010 
Arup Fire (U.S.), April 16, 2010 
ARUP UK, April 21, 2010, production completed June 9, 2010.  
Jose Torero, May 19, 2010 

 Miscellaneous spreadsheets produced by plaintiffs’ experts: 

Jose Torero, April 12, 2010 
Guy Nordenson, June 8, 2010 

 Composite framing calculations by Guy Nordenson and Associates, April 13, 2010 
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Relevant Experience 
Responsible for research and development in the area of computational methods for transient 
and harmonic multi-media interaction problems, structural acoustics and vibration, ultrasonics and 
transduction, and structures subjected to extreme loads. Led or contributed to several software 
development projects, mainly in computer-aided modeling for various engineering and imaging 
applications, in areas of shock and nonlinear fluid/structure analysis, soil/structure interaction, 
structural damping, structural acoustics and ultrasonics; work conducted under the sponsorship of 
private industry such as AT&T Bell Laboratories and government agencies such as the Office of 
Naval Research, the Defense Threat Reduction Agency, the Technical Support Working Group, 
the National Science Foundation and the National Institutes of Health.  

Dr. Abboud is also the technical manager on several hazard mitigation and anti-terrorism 
protective design and rehabilitation efforts for major infrastructure and transportation assets of the 
PANYNJ, the NYCDOT the MTA and the NJTA.  These efforts rely on both computational 
simulations of extreme events and physical testing as a basis for structural performance 
assessments and mitigation designs.  

Dr. Abboud is also the Practice Director for Investigations and Forensic Engineering - East. As a 
practice leader, he draws upon the entire resources of the firm (structural, civil, transportation, 
infrastructure, advanced analysis, structural forensics) to form project teams with the requisite 
specialties and skills called upon for each project. Dr. Abboud has personally managed some of 
the biggest forensic investigations in the firm, from structural collapses such as the WTC Twin 
Towers collapses and the Tropicana Casino and Resort garage collapse, to failures during the 
demolition of the old Sikorsky bridge, to tens of millions of dollars errors and omissions and/or 
delays claims on large construction projects such as the PNC and Miller Park stadiums. Dr. 
Abboud has most recently authored, with his co-authors Dr. Jain and Mr. Levy, a chapter on 
“Design Errors, Construction Defects, and Project Miscommunication” in the 2nd edition of the 
Forensic Structural Engineering Handbook. 

Selected Forensic and Legal Cases 
Denver Art Museum, Denver, CO. Façade performance and structural life safety investigation. 
Lane Stadium West Side Expansion, Blacksburg, VA. Investigation of allegations of design 

errors and omissions, and code compliance.  
7 World Trade Center, New York, NY. Structural investigation into the causes of the collapse of 

7-WTC as a result of the Sept 11 attacks. Aegis Insurance Services v. 7 World Trade 
Company. et al  (US District Court, Southern District of New York). 

World Trade Center Twin Towers, New York, NY. Structural investigation into the causes of the 
collapses of the WTC Twin Towers as a result of the Sept 11 attacks. World Trade Center 
Properties LLC, et al v. Travelers Indemnity Co. et al (US District Court, Southern District of 
New York, No. 01CV12738 (JSM)). 
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Miller Park Stadium, Milwaukee, WI. Design errors and omissions, constructability, delay 
claims. 

PNC Stadium, Pittsburgh, PA. Delay claims on fast-track project, design errors and omissions 
and standard of care issues. US Fidelity & Guaranty Co. v. Dick Corp/Barton Mallow Co. et al 
(US District Court, Western Pennsylvania) 

Tropicana Garage Collapse, Atlantic City, NJ. Design and construction assessment. Superior 
Court of New Jersey, Atlantic County. 

199 State Street Garage Collapse, Brooklyn, NY. Structural investigation into the causes of the 
collapse during adjoining site excavation. 

Vertis Printing Plant, Tampa, FL. Distress of underdesigned concrete slabs under fork lift 
loading, poor soil compaction, possible sink holes. 

Rt. LA 319 Bascule Bridge over the Intercoastal Waterway, St. Mary Parish, LA. Failure of 
temporary supports of bascule leaf during erection. 

Sikorsky Bridge Demolition, Milford, CT. Crane-on-barge collapse and bridge girder failure. 
Logan Airport Terminal Area Roadways, Boston, MA. Investigate allegations of incomplete 

design drawings and excessive temporary support requirements. Flatiron Constructors v. 
Massachusetts Port Authority. 

Dr. Abboud has not testified at trial or by deposition in the last four years. 

Publications 
N. Abboud, D. McArthur, C. Beyler, T. Fay and N. Iwankiw, “Significance of Common U.S. 

Construction Details on Fire Resilience of Structural Steel Floor Systems”, Proc. Six 
International Conference on Structures in Fire, Michigan State Univ. (eds. V. Kodur and JM 
Franssen), June 2010. 

N. Abboud, A. Jain and M. Levy, “Design Errors, Construction Defects, and Project 
Miscommunication”, Chap 8 in Forensic Structural Engineering Handbook, 2nd Edition (R. 
Ratay ed.), McGraw Hill, New York, 2010. 

P. Woelke, K.-K. Chan, R. Daddazio and N. Abboud, “Stress Resultant Based Elasto-Viscoplatic 
Thick Shell Model,” Proc. of the 77th Shock & Vibration Symposium, SAVIAC, Oct. 29- Nov 3, 
2006, Monterey, CA. 

P. Woelke, K.-K. Chan, N. Abboud, R. Daddazio, A. Hapij and G. Voyiadjis, “A Viscoplatic 
Damage Model for Analysis of Shells using EPSA,” Proc. of the 77th Shock & Vibration 
Symposium, SAVIAC, Oct. 29- Nov 3, 2006, Monterey, CA. 

P. Woelke, K.-K. Chan, N. Abboud, R. Daddazio and G. Voyiadjis, “Analysis of Shear Flexible 
Layered Isotropic and Composite Shells by EPSA,” Proc. of the 77th Shock & Vibration 
Symposium, SAVIAC, Oct. 29- Nov 3, 2006, Monterey, CA. 

N.N. Abboud, M. Levy, D. Tenant, J. Mould, H. Levine, S. King, C. Ekwueme, A. Jain and G. Hart, 
“Anatomy of the World Trade Center Collapses: A Structural Engineering Investigation,” Proc. 
of the Third Forensic Engineering Congress, ASCE, Oct. 19-21, 2003, San Diego, CA. 

N.N. Abboud, M. Levy, D. Tenant, J. Mould, H. Levine, S. King, C. Ekwueme, A. Jain and G. Hart, 
“Anatomy of a Disaster: A Structural Investigation of the World Trade Center Collapses,” 
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SFPE/SEI Proc., Conference on Designing Structures for Fire, Sept.30- Oct. 1, 2003, 
Baltimore, MD. 

Levine, H., Tennant, D. Lawver, D., Levy, M. and Abboud, N. (2003), “Simplified and Advanced 
Methodology for Determining the Response of Buildings to Aircraft Impact,” ASCE 2003 
Structures Congress, Designing and Protecting Structures from Terrorist Attacks,  May 29-
June 1, 2003, Seattle, WA. 

N.N. Abboud, G.L. Wojcik, D.K. Vaughan, J. Mould, D. Powell, and L. Nikodym, "Finite Element 
Modeling for Ultrasonic Transducers” Keynote Address, Proc. SPIE International Symp. on 
Medical Imaging 1998, Ultrasonic Transducer Engineering Conference, K. Shung (ed), San 
Diego, Feb 21-27, 1998.  

N.N. Abboud, J. Mould, G.L. Wojcik, D.K. Vaughan, D. Powell, V. Murray and C. MacLean, 
"Thermal Generation, Diffusion and Dissipation in 1-3 Piezocomposite Sonar Transducers: 
Finite Element Analysis and Experimental Measurements” Proc. IEEE International Ultrason. 
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G.L. Wojcik, J. Mould, D. Tennant, R. Richards, H. Song, D.K. Vaughan, N.N. Abboud and D. 
Powell, “Studies of Broadband PMN Transducers Based on Nonlinear Models” Proc. IEEE 
International Ultrason. Symp., 1997.  

G.L. Wojcik, C. DeSilets, L. Nikodym, D.K. Vaughan, N.N. Abboud and J. Mould, “Computer 
Modeling of Diced Matching Layers” Proc. IEEE International Ultrason. Symp., 1996.  

G.L. Wojcik, J. Mould, F. Lizzy, N.N. Abboud, M. Ostromogilsky and D.K. Vaughan, “Nonlinear 
Modeling of Therapeutic Ultrasound,” Proc. IEEE Ultrason. Symp., 1617-1622, 1995.  

M. Ettouney, R. Daddazio and N.N. Abboud, “Practical Applications of Scale Independent 
Elements,” Proc. 1995 Design Engineering Technical Conferences, 3(B), pp. 177-183, DE-
Vol. 84-2, ASME 1995.  

M. Ettouney, R. Daddazio and N.N. Abboud, “Scale Independent Elements for Dynamic Analysis 
of Vibrating Systems,” Proc. Third Int. Conf. on Mathematical and Numerical Aspects of 
Wave propagation Phenomena, Mandelieu - La Napoule (France), April 1995.  
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G.L. Wojcik, D.K. Vaughan, N.N. Abboud and J. Mould, “Electromechanical Modeling Using 
Explicit- Time-domain Finite Elements,” Proc. IEEE Ultrason. Symp., 2, 1107-1112, 1993.  
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R. Daddazio, M. Ettouney and N.N. Abboud, “Wet Modes of Submerged Structures, Part 2: 
Applications,” ASME J. of Vibration and Acoustics, 114, 440-448, 1992.  
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